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1.1 Overview and Objectives 
 
Long-span bridges, including suspension bridges, consist of various members and have a 
high degree-of-freedom. Generally, safety factor is determined, considering the importance 
and feature of each member on those bridges. For instance, the suspension bridge consists 
of stiffening girder, main towers and main cables.  Usually, the safety factors are 1.7 for 
stiffening girder and main towers against the yield stress or buckling stress, and 2.5 for 
main cables against the tensile stress, respectively.  
 
In the maintenance for long-span bridges, the preventive maintenance works are carried 
out, considering the importance of structures. For instance, repaint works for steel structures 
and coating works for concrete structures are generally used. However, health on structural 
members is conventionally evaluated by results of visual checks or coating inspections. In 
this manner, health on overall system is not evaluated by a quantitative method nor 
predicted.  
 
Therefore, the aim of this study is to analyze the structural safety of the long-span bridges 
by the reliability analysis, to evaluate the health the long-span bridges, and to examine the 





1.2 Organization of the Study 
 
Firstly, short-span bridges, which are geometrically linear systems, are calculated by 
reliability analysis, considering the time-dependence on strength and load. Based on these 
results, reliability indexes on representative members are obtained, and long-term safety are 
evaluated for steel bridges with statically determinate structures.  
 
Secondly, long-span bridges, which are geometrically nonlinear systems, are calculated by 
reliability analysis, considering the time-dependence on strength and load. Based on these 
results, the reliability indices on various members are obtained, and long-term safety are 
evaluated for steel bridges with statically indeterminate structures.  
 
Finally, the conventional bridge management system, which is identified with essential 
maintenance, is replaced and a new bridge management system, which is identified with a 
quantitative and preventive maintenance by reliability analysis, is proposed, based on the 






2. Structural Reliability Analysis 
 
2.1 Introduction 
 Nature contains randomness and human knowledge involves uncertainty. In order to 
overcome this difficulty, basic and advanced studies on reliability analysis have been 
continued since the twenty century.  
The Classical Reliability theory for structures was introduced by Freudental in 1940s, and 
the Extended Reliability theory was introduced by A.H-S.Ang in 1960s. The Second Moment 
method was proposed by C.A.Cornell in 1960s. Moreover, the Monte Carlo techniques and 
Fuzzy Set theory were developed in 1980s. The history of structural reliability is shown in 
Table 2.1.  
 In this chapter, basic techniques of structural reliability analysis are reviewed.  
 
Table 2.1 History of structural reliability 
Year Establishment Random Vibration System Stochasticity 
1940s Probabilistic load and strength  Freudental 
1950s Full-distribution theory Random excitation and 
response 
 
1960s FOSM Methods (First Order 
Second Moment Methods) 
Stationary →  
Non-stationary; SDOF→ 
MDOF 
Spatial variability of material 
properties and strength 
1970s AFOSM Method 
(Advanced FOSM) 
Linear →Nonlinear Monte Carlo Techniques 
1980s Randomness and Uncertainty; 
Fuzzy Set Theory; Human 
Error; Risk Assessment  
ANS158.1A-1982 PRA and 
Margin Study 
Monte Carlo Techniques; 
System identification 







2.2 Reliability Analysis 
In general, the reliability analysis, which is featured by the reliability index and the 
probability of failure, can be given in the following process.  
Expressing that S is the load on the structure and R is the resistance of the structure, the 
probability of failure Pf is given as the following equations. (Fig. 2.1) 
 Ｐf ＝Ｐ（Ｓ＞Ｒ）＝Ｐ（Ｒ/Ｓ＜１） 
＝ ηη∫∞∞− )d(gS ∫∞η ξξ- R )d(f   ……………………………………………………  (2.1) 
＝ ηηη∫∞∞− )d()F(g RS      ……………………………………………………  (2.2) 
Or 
 Ｐf ＝ ∫∞∞- R )d(f ξξ  ηηξ∫∞ )d(gS   ……………………………………………………  (2.3) 
＝ η〕ξ－〔ξ∫∞∞− d)(G1)(f SR   ……………………………………………………  (2.4) 
where,ｆR is the density function of resistance, FR is the cumulative function of resistance,     
ｇS is density function of load, GS is cumulative density function of load.  
The probability of safety Ps or the probability of reliability Pr is expressed as follows.  
 Ｐs ＝Ｐr ＝Ｐ（Ｒ/Ｓ≧１） 
＝１－Ｐf              …………………………………………………  (2.5) 
Fig.2.1 Probability density function of load 
and resistance 
Fig.2.2  Relation between marginal 

















The reliability index β is expressed by using the marginal distribution M, which equal to  
R－S, can be expressed as follows.(Fig. 2.2) 
μM＝βσM                …………………………………………………  (2.6) 
Or 
 β＝１／（σM／μM）＝１／δM ………………………………………………  (2.7) 
where, β is reliability index, μM is average of marginal distribution, σM is standard 
deviation of marginal distribution, and δM is coefficient of variation of marginal distribution.  
Assuming that the resistance and load are independent and have the normal distributions, 











µµ  ……………………………………………………  (2.8) 










 …………………………………………………   (2.9) 
where, μR is the average of resistance R,  μS is the average of load S, σＲ is coefficient of 
variation of resistance R, and σS is coefficient of variation of load S.  



















   ………………………………………  (2.10) 
where, δR is coefficient of variation of resistance R, δS is coefficient of variation of load S, 
and kpf is φ-1(1－Pf).  
Assuming that the resistance and load are independent and have the normal distributions, 





















2.3 System Reliability Analysis 
2.3.1 Material Modeling 
  The material behavior in structural engineering can be classified to a) elastic, b) 
elastic-brittle, c) elastic-plastic, d) elastic-residual strength, e) elastic-hardening, f) curvilinear 
(inelastic). In design for the structure, the steel members and the concrete members are usually 
assumed to a) elastic, c) elastic-plastic or f) curvilinear. 
  In this paper, the small damages in each structural element, including the local yield or the 
local buckling, are focused on, the material behavior is assumed to be an elastic model in the 
structural reliability analysis.  
2.3.2 System Modeling 
(1) Series systems 
In general, a statically determinate structure is a series system since the failure of any one 
of its members implies the failure of the structure.  Therefore, each member in the series 
system is a possible failure mode. A typical example of series systems is a “chain,” which is 
also called a “weakest link” system (Fig.2.3).  The system failure probability for a weakest 
link which is composed of m members is given by  




)(...   ………………………………  (2.13) 
where Fi (i=1,m) is each failure mode, X represents the vector of all basic random variables 
and D is the domain in X defining failure of the system.  
On the other hand, if the safe (or survival) region is denoted D
－
, the probability of survival 








Fig. 2.3 Examples of series systems 
 


















m) = ∫∫ dxxf X
D
)(...  …………………………………  (2.14) 
If FRi(ri) is the cumulative distribution function for strength of the i-th link, then the 
cumulative distribution function for a chain as a whole system is given by  
 FR(r) = P(R≦r) = 1- P(R＞r) = 1-P(R1＞r1∩R2＞r2∩…∩Rm＞rm)  …………  (2.15) 
which becomes for independent strength properties 






i  )](rF-[1 1 ……… (2.16) 
(2) Parallel systems 
  The structural system, which has the elements in the system are so interconnected that the 
limit state in any one or more elements does not necessarily mean the failure of the whole 
system, is called a “parallel” or “redundant” system (Fig.2.4).  
The system failure probability for a parallel system which is composed of n members is 
given by 






 …………………………………  (2.17) 
  The parallel system can fail only when all contributory elements have reached their limit 
states, which means the characteristics of the system elements are considerable important to 
define the “system failure.”  
In a complicated parallel system, it is very difficult to evaluate the failure mode and the 
probability of failure. Consequently, in this paper, the small damages in each  element are 








Fig. 2. 4 Examples of parallel systems 
 
(a) parallel members (suspender) (b) radial members (inclined cables) 







2.4 Monte Carlo Simulation 
 One of the most effective calculation methods is the Monte Carlo analysis in order to 
perform a statistical analysis of the uncertainty in structural engineering problems. It is often 
helpful to use the Monte Carlo analysis as an experiment, which is performed by a computer 
rather than by a laboratory  
 The fundamental step in the Monte Carlo analysis is to make a set of random numbers. 
Today, these numbers can be mechanically or electronically generated by using digital 
personal computers. Uniform random numbers have the property so that the generated 
number equally occurs anywhere in the selected range of values (e.g., 0.0-1.0). These 
random number can be used for any range of uniform probability density function (hereafter 
referred to as PDF) if scaled properly. These random number can be transformed to any 
distribution, including the normal distribution, the log-normal distribution, etc.  
 The uniform PDF is defined as follows. The general shape is shown in Fig.2.5.  
   p(x) = 1/(b-a)  a≦x≦b 
       = 0       otherwise  







































Fig.2.5 Uniform probability density function Fig.2.6 Normal probability density function 
P(x) 
x 
………………………………………………  (2.18) 
1/(b-a) 





 As an example of the Monte Carlo analysis, consider a simply supported beam shown in 
Fig.2.7 with a concentrated loading at the midspan and a distributed loading at the full span. 
From the fundamental knowledge of the structural engineering, the flexural stress at the 
midspan of the beam can be given as follows.  
 σ＝PL/(4W) +qL2/(8W) ……………………………………………………  (2.20) 
where σ: flexural stress at midspan of the beam 
      P: concentrated load (variable) 
      q: distributed load (constant) 
      L: length of beam 













 Fig.2.8 shows the flowchart for the Monte Carlo analysis of simply supported beam with one 
random variable. The Monte Carlo analysis involves the generation of one set of n random 
numbers for each random parameter in the response equation. The response equation is then 
solved by using each random number in the set. The response equation is solved n times, 
whichever the response equation is linear or nonlinear with respect to the variables. Finally, 
these values of response are analyzed by using the techniques, including histograms and 





Fig. 2.7 Simply supported beam applied to a concentrated load at midspan 










Set i =0 
Set i = i +1 
Set the number of random numbers 
to be generated, n 
Generate a random numbers with 
prescribed PDF. Set random number 
equal to Pi 






Step 4 Step 5 
is i = n? 
Recall all Pi and σ i values and 
calculate sample statistics and plot 
histograms 
Step 6 Step 7 
Step 8
Step 9 






2.5 Example of Analytical Computation 
 By using the same structural model as Fig.2.7 and the same techniques as Fig. 2.8, the 
reliability analysis can be performed.  The example of analytical computation is shown in 





































































































































































Monte Carlo Simulation Normal Distribution
Fig. 2.9 Generated live load by Monte Carlo simulation  











































































































































































































Monte Carlo Simulation Normal Distribution
Fig. 2.11 Generated yield stress of by Monte Carlo simulation  












 The basic theory of reliability analysis was reviewed in this chapter. Especially, the Monte 
Carlo techniques is very convenient for reliability analysis even if the function has a 
complicated distribution, since the computer easily generates a lot of random numbers.   
 This technique can be used in the reliability analysis for various bridges, including the 






3. Time-dependence on Load and Strength 
 
3.1 Introduction 
 In Japan, design loads are classified dead load, live load, impact, effect of thermal change, 
effect of earthquake and wind force in the Design Specification for Highway Bridges, which is 
hereafter referred to as “DSHB.”  
In this chapter, the live load and the wind force are considered to be variable in time. On the 
other hand, steel structures and concrete structures are considered to be variable in time 
because of material deterioration.  
 
3.2 Increasing Model for Live Load  
The live load is mainly discussed since the live load is one of the most influent to 
superstructure of bridges and one of the most variable when time passes.  
There is little data for traffic conditions on the Honshu-Shikoku Highways between Honshu 
Island and Shikoku Island in Japan. The first traffic investigation was carried out on the 
Seto-Ohashi Bridges for a weekday and a weekend in 1990, two years after completion of 
these bridges. All vehicles are classified to 22 vehicles. As the primary classification, the 
traffic volumes on the investigation days were 60 passenger cars (2.1%), 177 small trucks 
(6.3%), 1922 ordinary trucks (68.5%), 225 large trucks (8.0%), and 423 buses (15.1%).  
Especially, the axis distributions and the vehicle weight distributions of the ordinary trucks 
are shown in Table 3.1 and 3.2, respectively. The ordinary trucks are secondarily classified to 
9 trucks according to the number plates and the axis number. In the ordinary trucks, the middle 
class 3 (total weight of 8-20 tons, with 3 axes) was selected as the representative vehicle 
because it has a significant number of data, the maximum average of axis weight and the 
maximum average/standard deviation of total weight. The weight distribution of the middle 
truck 3 is shown in Fig.3.1. The weight distribution is similar to the normal distribution, which 
has the average of 16.4 tons, standard deviation of 4.2 tons, and the coefficient of variation of 
0.25.  
In 1994, the DSHB was revised and the design live load was changed in order to take 





Currently, the live load B, which constitutes of the load T for decks and the load L for girders, 
is applied to the first class bridges on national highways.  
Fig.3.2 shows the change of the design live load for the first class bridges, which is 
specified in the DSHB from 1926 to 2002. According to the social and economical 
development of Japan, the design live load for highway bridges has increased and expected to 
increase in future. Therefore, the long-term change of the live load is one of the most 
important issues for maintenance of highway bridges. In this paper, the long-term change is 




Table 3.1 Axis distributions of ordinary trucks on the Seto-Ohashi Bridges in 1990 
(Unit: ton) 
No. Vehicle Type Axis Data Average S. Deviation Minimum Maximum
9 Ordinary Truck (small 2) 2 1238 3.01 1.381 1.0 12.2
10 Ordinary Truck (small 3) 3 90 4.86 1.794 1.8 11.1
11 Ordinary Truck (small 4) 4 24 3.33 0.850 2.2 5.2
12 Ordinary Truck (middle 2) 2 170 4.02 1.838 1.2 12.4
13 Ordinary truck (middle 3) 3 2973 5.45 2.049 1.0 15.9
14 Ordinarry truck (middle 4) 4 672 4.20 1.501 1.0 12.4
15 Ordinarry truck (middle 5) 5 0 0.00 0.000 0.0 0.0
16 Ordinarry truck (large 4) 4 80 4.51 2.164 1.4 11.6
17 Ordinary truck (large 5) 5 15 4.07 0.647 3.3 5.5
Table 3.2 Weight distributions of ordinary trucks on the Seto-Ohashi Bridges in 1990 
(Unit: ton) 
No. Vehicle Type Axis Data Average S. Deviation Minimum Maximum
9 Ordinary Truck (small 2) 2 619 6.01 2.265 2.0 15.8
10 Ordinary Truck (small 3) 3 30 14.57 3.885 7.0 24.1
11 Ordinary Truck (small 4) 4 6 13.33 2.273 10.3 16.1
12 Ordinary Truck (middle 2) 2 85 8.05 2.900 2.8 17.7
13 Ordinary truck (middle 3) 3 991 16.35 4.136 6.8 31.5
14 Ordinarry truck (middle 4) 4 168 16.81 4.363 7.7 34.8
15 Ordinarry truck (middle 5) 5 0 0.00 0.000 0.0 0.0
16 Ordinarry truck (large 4) 4 20 18.03 7.231 7.4 37.5













































Fig.3.1 Weight distribution (ordinary truck (middle class 3)) 























































Fig.3.2 Long-term change of design live load for girder of the first class 












3.3 Maximum Model for Wind Load  
For the long-span bridges, the wind load is one of the most influent loads for the 
superstructure.  According to the wind proof design standard of Honshu-Shikoku Bridge 
Authority, the static design wind load for the main cable and stiffening girder in suspension 




1 νννρ=  ………………………………………………………… (3.1) 
where PD is design wind load, ρ is air density, CD is drag coefficient, ν4 is correction 
factor due to the gust effect, ν1 is correction factor due to the elevation of the structure, ν2 
is correction factor due to the special wind variation of the structure, V10 is basic wind velocity, 
and An is projection area.  
The basic wind velocity V10 is expected value of ten-minute mean wind velocity for 
150-year return period at the elevation of ten meters above sea level. For instance, the basic 
wind velocity for the Akashi Kaikyo Bridge is 43 meters in original standard in 1976, and 46 
meters in current standard 1990. The basic wind velocity for the Ohnaruto Bridge is 50 meters. 
Fig.3.3 shows the flowchart of wind resistance design for long-span bridges 
The static design wind load in Eq. (3.1) is associated with many uncertainties. The maxim 
wind velocity can be determined by using the extreme type I distribution as follows. 
{ }[ ])(exp)(exp)( 101010)1( uVuVV −−−−−=Φ ααα   ……………………………… (3.2) 
where u is μV10 -0.455005σV10, α is 1.28255/σV10, μV10 is mean of V10, andσV10 is 
standard deviation of V10.  
For the uncertainty in the basic wind velocity, the maxim wind velocity can be calculated by 











3.4 Aging Model of Steel Structures 
The yield stress distribution and tensile strength distribution of SM490 as the representative 
material for steel bridges are shown in Fig.3.4 and Fig.3.5, respectively.  The yield stress is 
similar to the normal distribution with the average of 420 MPa, the standard deviation of 20.6 
MPa, and the coefficient of variation of 0.049. The tensile strength is similar to the normal 
distribution with the average of 554MPa (N/mm2), the standard deviation of 12.4 MPa, and the 
coefficient of variation of 0.022. 
In general, the surrounding conditions are more severe onshore than offshore, 
high-durability coating systems are applied to the onshore steel bridges. For example, phthalic 
resin and polyurethane resin are used for the offshore bridges, and chlorinated rubber paint, 
polyurethane paint, and fluoropolimer paint are used for onshore steel bridges on the Honshu- 
Shikoku Highways.  
The periodical coating observation at fixed points, which is applied to onshore steel bridge, 
is shown in Fig.3.6. The thickness of polyurethane resin paint due to the ultraviolet rays 
decreases at the average of７-10μm/year in the sunshine, the average of 5μm/year in the 
sunshade. The required thickness of surface coat is more than 30μm, and that of middle coat 
is also more than 30μm. If the surrounding condition is very severe, the surface coat and the 
middle coat will disappear in approximately ten years. Since the epoxy resin is applied to the 
lower coat, which has a low durability, the deterioration progresses rapidly in the whole 
coating system.  
On the Honshu-Shikoku Highways, all steel bridges are appropriately maintained, including 
repair coating and overall recoating. For example, the onshore steel bridges are overall 
repainted before disappearing the middle coating for the preventive maintenance.  
However, in real steel bridges, the thickness of coating system reduces uncertainly and 
corrosions may occur at joint parts or lower flanges of girders. Fig.3.7 shows the deteriorating 
curve for coating and corrosion, considering the thickness variation of total coating system.  
After loss of the surface coat and the middle coat, the lower coat rapidly degreases. In this 

























































































































Fig.3.5 Tensile strength distribution (SM490) 
Fig.3.4 Yield stress distribution (SM490) 
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3.5 Aging Model of Concrete Structures 
In general, the aging model for concrete structures is described in Fig.3.8. There are four 
periods in the concrete deterioration model, e.g., 1) un-progressing period, 2) progressing 
period, 3) accelerating period, and 4) deteriorating period.  
Many scholars and engineers have been studied various damages of concrete structures in 
various surrounding conditions. Especially, the saline damage and the carbonation of 
concrete structures have many examples.  
For the saline damage, the saline element per unit concrete volume is measured in the 
concrete structure. For the carbonation of concrete, the carbonated depth is measured in the 
concrete structure.  Since the prediction methods for these damages are also studied, these 
damages can be easily predicted.  
Example of saline damage and carbonation are shown in Fig.3.9 and 3.10, respectively. 
Based on these data of concrete structures, the aging model for concrete structure can be 
obtained.  
In a severe surrounding condition, including the coastal area, the saline damage and the 
carbonation of concrete structures are difficult problems in maintenance.  

































Fig.3.9 Example of saline damage and prediction 
Fig.3.10 Example of carbonation damage and prediction 
Depth from surface (mm) 
Saline elements (kg/m3) 
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Current After 200 years 






 The conclusions in this chapter are summarized as follows.  
1) Based on the traffic investigation, the increasing model for live load can be obtained, 
assuming the variation of live load as well as the increase of the design live load.  
2) The maximum model for wind load can be obtained, assuming the variation of design 
wind velocity as well as the maximum wind velocity, which is determined by the extreme 
type I distribution.  
3) Aging model of steel structures can be obtained, assuming the variation of steel strength, 
the decrease of coating and the increase of corrosion.  
4) Aging model of concrete structures can be obtained from the many accumulated data in 
maintenance.  
5) The above-mentioned model can be used for reliability analysis considering the 








4. Reliability Analysis for Short-span Bridges with Time-dependence 
 
4.1 Introduction 
Generally, the coating is applied to steel structures in order to protect the corrosion. In a 
severe surrounding condition, a high-durability coating is applied to steel structures. However, 
deterioration of coating is inevitable, which yields to a partial corrosion and a sectional loss, if 
the repair coating or the overall recoating would not be appropriately carried out.  
On the other hand, traffic volumes have increased and traffic vehicles have enlarged 
according to the economic growth of Japan. In load conditions for steel bridges, the live load 
has increased and is expected to increase in future.  
Therefore, the increasing live load and the decreasing steel strength are considered to have 
the property of time dependence. The reliability analyses for various types of bridges were 
carried out by using the Monte Carlo Simulation, considering the various data of loads and 
strengths, and several comments of reliability for these bridges were made.   
The procedure of the reliability analysis, considering the time dependence of load and 
strength, is shown in Fig. 4.1.  In the first stage, data for the time dependence of load and 


















Time-dependent load (long-term change of live load) 
Time-dependent strength (long-term change of steel corrosion) 
Reliability analysis for steel bridges in initial condition of load and strength 






4.2 Reliability Analysis for Beam of Steel Deck Plate with Time-dependence on Load and 
Strength  
 In order to reduce to the dead load, orthotropic steel decks are selected for of long-span 
bridges in the Honshu-Shikoku highways.  The high durability coating system, in which the 
total coating is 250μm in thickness, is used for these bridges, however, the overall recoating 
is carried out in some long-span bridges because of severe surrounding conditions on straits.  
 In this section, the stress check for the lower flange of longitudinal girder of orthotropic 
steel deck, where much salty splash reaches and does not washed by rain water.  And the 
safety check was carried out by the reliability analysis.  
The cross-section of orthotropic steel deck is depicted in Fig. 4.2.  The longitudinal girder 
has a span of 10 meters and is laterally arranged with an interval of 3.5 meters. Actually, the 
longitudinal girder is a continuous structure in several spans, but is assumed to be simplely 
supported for a safe assumption.  
Firstly, dead load, live load and impact were considered for the allowable stress check. As 
the live load, a wheel load of 100 kN, which is equal to a half of the load T for design live 
load B defined in the current DSHB, is applied right on the longitudinal girder.  The impact 
is assumed to be 0.333 for a steel bridge with a span of 10 meters according to the current 
DSHB. The bending stresses due to these loads were calculated at a quarter and a half of the 
span.  
Considering the reduction of sectional performance, the result of bending stresses is shown 
in Table 4.1 on the above-mentioned conditions.  The five cases are calculated with the 
variable thickness of lower flange, which are Case1 (design thickness of 13 mm), Case2 (9 
mm), Case3 (6 mm), Case4 (3 mm), and Case5 (0 mm), respectively. The bending stresses of 
almost cases at the quarter and the half of the span are less than 140 MPa for the allowable 
standard of SS400, excluding the Case 5 at the half of the span. In this calculation, the 
torsional deformation and the local buckling are negligible, and no fatigue damage assumed to 
occur.  
Secondly, the live load has a large coefficient of variation, and also has a long-term increase.  
Therefore, the reliability analysis was carried out by the Monte Carlo Simulation, considering 





the pavement were considered. Based on the traffic investigation on the Seto-Ohashi Bridges 
in 1990, the ordinary truck classified in the middle class 3 (total weight of 8-20 tons, with 3 
axes) was selected as the representative vehicle. The wheel weight distribution of the middle 
truck 3 is assumed to be the following normal distribution.  One is Live Load 1 (the average 
of 82kN, the standard deviation of 21kN, and the coefficient of variation of 0.25), based on the 
traffic investigation, and the other is Live Load 2 (the average of 100kN, the standard 
deviation of 25kN, and the coefficient of variation of 0.25), based on the current DSHB. The 
impact is assumed to be 0.333 according to the current DSHB. On the other hand, the yield 
stress is assumed to have an average of 235 MPa for the yield standard of SS400 and the 
coefficient of variation of 0.25 according the construction results.  
The results of the reliability analyses are shown in Fig. 4.4 and 4.5. The calculation cases 
are the same as Table 4.1. The trail number is 10,000 for simple calculation.  In Fig. 4.4, the 
reliability index at the quarter of span is always more than 4.2 against the Live Load 1 and the 
Live Load 2.  On the other hand, the reliability index at the half of span is 3.4 in Case 5 
against the Live Load 1, and the reliability index is 2.3 in Case 5 against Live Load 2. In Fig. 
4.5, the probability of failure at the quarter and the half of span are less than 0.0001 in Case 1 
to 4, but the probability of failure at the half of span is 0.0004 against the Live Load 1 in Case 
5 and 0.0124 against the Live Load 2 in Case 5.  
Consequently, the reliability index is large and the safety was checked in Case 1 to 4. The 
reliability index is low in Case 5, however, there is no need to consider in a usual maintenance. 
Based the results of reliability analysis, considering the reducing sectional performance and 
the increasing live load, the safety of the orthotropic steel deck was checked without a large 




















Fig. 4.3 Live load on longitudinal girder of 
orthotropic steel deck 
















































1 13 353 5464 57 72 140
2 9 343 4540 69 86 140
3 6 335 3858 81 101 140
4 3 327 3175 98 122 140








Fig. 4.4 Reliability index in longitudinal girder of orthotropic steel deck 





























































4.3 Reliability Analysis for Simply Supported Steel Girder with Time-dependence on 
Load and Strength 
The reliability analysis with time-dependent load and strength was carried out for the 
simple steel bridge with I-shape girders and a reinforced concrete slab. The side view of the 
simple steel girder is shown in Fig. 4.6. The span length is 40 meters, and the width is 18.25 
meters with 6 girders for 4 lanes. The structural model is shown in Fig. 4.7. 
The lower flange of the outside I-shape girder is easy to reduce coating and have corrosion 
due to sunshine. In the reliability analysis with the time-dependent strength, the corrosion and 
the reduction of thickness were assumed at the lower flange of I-shape girder in the center of 
the span. Table 4.2 shows the four analytical cases with thickness variation of lower flange, 
which are Case 1 (design thickness), Case 2 (90% thickness), Case 3 (80％ thickness), and 
Case 4 (70% thickness), respectively. 
On the other hand, dead load, live load and impact were considered. In the reliability 
analysis with the time-dependent load, three analytical cases are calculated with the variation 
of live load and impact. The three cases of live loads are Live Load 1 (above-mentioned 
weight distribution with average of 16.4tons), Live Load 2 (current DSHB with average of 
20.0tons), and Live Load 3 (25%-increace DSHB with average of 25.0tons), respectively. The 
coefficient of variation was assumed to 0.25, based on the result of traffic investigation in 
1990.  
The results of reliability analyses by means of the Monte Carlo Simulation, considering the 
time-dependent load and strength, are shown in Fig. 4.8. The trial number is 10,000 for simple 
calculation. In this analysis, the failure is assumed to the yield stress of the lower flange with 
reduced thickness, which is identified with the limit state of serviceability. The yield stress is 
assumed to have the normal distribution with the actual average of 420MPa(N/mm2) for 
SM490 steels and the coefficient of variation of 0.05. 
The results are summarized as follows. 
a) In case of Live Load 1, which is equal to the investigated weight distribution,  the 
reliability index is 7.45 in Case 1 (design thickness), and 4.68 in Case 4 (70% thickness).  
b) In case of Live Load 2, which is identified with SHD, the reliability index is 6.27 in Case 1, 





c) In case of Live Load 3, which is increased by 25% of DSHB, the reliability index is 5.00 in 
Case 1, and 2.67 in Case 4. The failure probability is 0.0032 in Case 4.  
d) On the other hand, when the reliability index equal to 4.0, the thickness is less than 70% in 
Live Load 1, 77％ in Live Load 2, and 84％ in Live Load 3.  
In addition, Fig. 4.9 and 4.10 show the results of reliability analyses at the center of girder 
(x=L/2), and at the quarter of the girder (x=L/4), by means of the Monte Carlo Simulation, 
considering the increasing load and the decreasing strength without repair. In this analysis, the 
load is assumed to increase as same as the similar curve in Fig. 3.2 from the above-mentioned 
weight distribution with average of 16.4 tons in 1990.  Meanwhile, the strength is assumed to 
decrease as same as the deteriorating curve for coating and corrosion in Fig. 3.7. The bridge 
was completed in 1985, and is now 20 years old in 2005. After 40 years old, the reliability 
index would decrease gradually according to the thickness reduction of lower flange if the 










































   
Fig. 4.7 Structural model for simple steel bridge 
Side View

















































Table 4.2 Analytical case for simple steel girder 
Thickness of 
lower flange 
Sectional area   
(per girder) 
Vertical  section 
modulus  (per girder) 
Case 
mm Ratio cm2 Ratio cm3 Ratio 
 
Case 1 22.0 1.000 439 1.000 37,506 1.000 
 
Case 2 19.8 0.900 423 0.964 34,639 0.924 
 
Case 3 17.6 0.800 408 0.929 31,899 0.851 
 







































β (Live Load 1) β (Live Load 2) β(Live Load 3)
Pf (Live Load 1) Pf (Live Load 2) Pf (Live Load 3)
 






















































































4.4 Reliability Analysis for Continuous Steel Girder with Time-dependence on Load and 
Strength 
The reliability analysis with time-dependent load and strength was carried out for a 
three-span continuous steel bridge with I-shape girders and a reinforced concrete slab. The 
side view of the three-span continuous steel girder is shown in Fig. 4.11. The total bridge 
length is 150 meters. The each span length is 50 meters, and the width is 18.25 meters with 6 
girders for 4 lanes. The structural model is shown in Fig. 4.12.  The cross section of the 
girder is assumed to be one of most representatives in the real bridge.  
As same as the simple steel bridge, the lower flange of the outside I-shape girder in the 
three-span continuous steel bridge is easy to reduce coating and have corrosion due to 
sunshine. In the reliability analysis with the time-dependent strength, the corrosion and the 
reduction of thickness were assumed at the lower flange of the girder in the center of the side 
span. Table 4.3 shows the four analytical cases only with thickness variation of lower flange, 
which are Case 1 (design thickness), Case 2 (90% thickness), Case 3 (80％ thickness), Case 4 
(70% thickness), respectively. 
As same as the simple steel girder, in the reliability analysis with the time-dependent load, 
the three analytical cases with the variation of live load and impact. The three kinds of live 
loads are Live Load 1 (above-mentioned weight distribution with average: 16.4tons), Live 
Load 2 (current DSHB with average 20.0tons), and Live Load 3 (25%-increace DSHB with 
average 25.0tons), respectively. Coefficient of variation was assumed to 0.25.  
The results of reliability analysis by means of the Monte Carlo Simulation, considering the 
time-dependent load and strength, are shown in Fig. 4.13. The trial number is 10,000. The 
failure is assumed to the yield stress of lower flange with reduced thickness. The yield stress is 
assumed to have the normal distribution with the actual average of 420 MPa(N/mm2) for 
SM490 steels and the coefficient of variation of 0.05. 
The results are summarized as follows.  
a) In case of Live Load 1, which is equal to the investigated weight distribution,  the 
reliability index is 7.02 in Case１(design thickness), and 5.31 in Case４(70% thickness).  
b) In case of Live Load 2, which is identified with SHD, the reliability index is 6.10 in Case 1, 





c) In case of Live Load 3, which is increased by 25% of DSHB, the reliability index 4.78 in 
Case 1, 3.14 in Case４. The probability of failure is 0.0010 in Case 4.  
d) On the other hand, when the reliability index equal to 4.0, the thickness is less than 70% in 
Live Load 1 and 2, and 85% in Live Load 3. 
In addition, Fig. 4.14 and 4.15 show the results of reliability analyses at the center of side 
span (x=L/6) and at the center of the center span (x=L/2), respectively, by means of the Monte 
Carlo Simulation, considering the increasing load and the decreasing strength. The conditions 
of load and strength are as same as the simple steel bridge. The bridge was also completed in 
1985, and is 20 years old in 2005. After 40 years old, the reliability index would decrease 
gradually according to the thickness reduction of lower flange if the appropriate maintenance 





































Fig. 4.11 Side view of three-span continuous steel bridge with I-shape girders 















































Sectional area   
(per girder) 
Vertical  section 
modulus  (per girder) 
Case 
mm Ratio cm2 Ratio cm3 Ratio 
 
Case 1 22.0 1.000 453 1.000 37,415 1.000 
 
Case 2 19.8 0.900 445 0.982 35,630 0.952 
 
Case 3 17.6 0.800 437 0.965 33,909 0.906 
 
Case 4 15.4 0.700 428 0.945 32,253 0.862 
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Fig. 4.13 Reliability analysis for three-span continuous steel bridge with 

























































Fig. 4.14 Reliability analysis for three-span continuous steel bridge with I-shape 
























Fig. 4.15 Reliability analysis for three-span continuous steel bridge with 





4.5 Reliability Analysis for Continuous Box Girder with Time-dependence on Load and 
Strength 
The reliability analysis with time-dependent load and strength was carried out for a 
three-span continuous steel bridge with a box girder and an orthotropic steel deck. The side 
view of the three-span continuous steel bridge with a box girder is shown in Fig. 4.16. The 
total bridge length is 300 meters. The each span length is 100 meters, and the width is 18.25 
meters with 6 girders for 4 lanes. The structural model is shown in Fig. 4.17.  The cross 
section of the girder is assumed to be one of most representatives in the real bridge.  
As same as the simple steel bridge with I-shape girder, the lower flange of the three-span 
continuous steel bridge with the box girder is influenced by sunshine, coating reduces and 
corrosion occurs. In the reliability analysis with the time-dependent strength, the corrosion 
and the reduction of thickness were assumed at the lower flange of the box girder in the center 
of the side span. Table 4.4 shows the four analytical cases only with thickness variation of 
lower flange, which are Case1 (design thickness), Case 2 (90% thickness), Case 3 (80％ 
thickness), Case 4 (70% thickness), respectively.  
As same as the simple steel girder, in the reliability analysis with the time-dependent load, 
the three analytical cases with the variation of live load and impact. The three kinds of live 
loads are Live Load 1 (above-mentioned weight distribution with average: 16.4tons), Live 
Load 2(current DSHB with average 20.0tons), and Live Load 3 (25%-increace DSHB with 
average 25.0tons), respectively. Coefficient of variation was assumed to 0.25. However, this 
bridge has a relatively long span and little influence by live load, and double of the live load 
was applied as a tandem live load in each case.   
The results of reliability analysis by means of the Monte Carlo Simulation, considering the 
time-dependent load and strength, are shown in Fig. 4.18. The failure is assumed to the yield 
stress of lower flange with reduced thickness. The yield stress is assumed to have the normal 
distribution with the actual average of 420 MPa (N/mm2) for SM490 steels and the coefficient 
of variation of 0.05. 
The results are summarized as follows.  
a) In case of Live Load 1, which is equal to the investigated weight distribution,  the 





b) In case of Live Load 2, which is identified with SHD, the reliability index is 9.8 in Case 1, 
and 7.5 in Case 4.  
c) In case of Live Load 3, which is increased by 25% of DSHB, the reliability index 8.8 in 
Case 1, and 6.3 in Case 4.  
d) In all cases, the reliability index is more than 6.0 and the probability of failure is less than 
0.0001. Because this bridge has a high performance in the sectional modulus, the corrosion 































































































(per 1 box) 
Vertical  section 
modulus (per 1 box) 
Case 
mm Ratio cm2 Ratio cm3 Ratio 
 
Case1 18.0 1.000 7,121 1.000 457,242 1.000 
 
Case2 16.2 0.900 6,974 0.979 426,787 0.933 
 
Case3 14.4 0.800 6,826 0.959 396,300 0.867 
 
Case4 12.6 0.700 6,678 0.938 365,782 0.800 
 
Table 4.4 Analytical cases for three-span continuous box girder 
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4.6 Reliability Analysis for Reinforced Concrete Girder with Time-dependence on Load 
and Strength 
The reliability analysis with time-dependent load and strength was carried out for the 
reinforced concrete girder. The side view of the reinforced concrete girder is shown in Fig. 
4.19. The span length is 19 meters, and the width is 13.75 meters with reinforced concrete slab 
for 2 lanes. The structural model is shown in Fig. 4.20. 
In general, concrete structures have corrosion in their steel material by the surrounding 
condition, including the saline attack, carbonation, etc. In the reliability analysis with the 
time-dependent strength, the steel bars in the lower flange are supposed to have corrosion and 
reduce their sectional area due to saline attack. Table 4.5 shows the five analytical cases with 
area variation of steel bar in lower flange, which are Case 1 (design area), Case 2 (75% area), 
Case 3 (50％ area), Case 4 (25% area) and Case 5 (0% area), respectively.  
The dead loads of the reinforced concrete girder as well as the pavement were considered. 
As same as the section 4.2, the wheel weight distribution of the middle truck 3 is assumed to 
be the following normal distribution. One is Live Load 1 (the average of 82kN, the standard 
deviation of 21kN, and the coefficient of variation of 0.25), based on the traffic investigation, 
and the other is Live Load 2 (the average of 100kN, the standard deviation of 25kN, and the 
coefficient of variation of 0.25), based on the current DSHB. The impact is assumed to be 
0.286 according to the current DSHB. On the other hand, the yield stress of steel bar is 
assumed to have an average of 345 MPa for the yield standard of SD345 and the coefficient of 
variation of 0.25 according the construction results.  
The calculation cases and the result are tabulated in Table 4.5 and 4.6, respectively. The 
results of the reliability analyses are also shown in Fig.4.21 and 4.22. In Fig.4.21, the 
reliability index at the quarter of span is more than 7.5 in Case 1 to 3 against the Live Load 1 
and the Live Load 2. The reliability index at the half of span is more than 4.1 in Case 1-3 
against the Live Load 1and the Live Load 2. In Fig.4.22, the probability of failure at the 
quarter span are less than 0.0001 in Case 1 to 3 against the Live Load 1and the Live Load 2, 
and the probability of failure at the half span is less than 0.0001 in Case 1-3 against the Live 
Load 1and the Live Load 2. 





reliability index is low in Case 4 and 5, however, there is no need to consider in a usual 
maintenance. Based the results of reliability analysis, the safety of the reinforced concrete 

































   
 
Fig. 4.20 Structural model for reinforced concrete girder  













































Table 4.5 Analytical case for reinforced concrete girder 
Steel bar area in 
lower flange (per 
girder) 
Sectional area of 
RC girder (per 
girder) 
Vertical  section 
modulus RC girder 
(per girder) 
Case 
cm2 Ratio cm2 Ratio cm3 Ratio 
Case 1 95.28 1.000 7,073 1.000 10,490 1.000 
Case 2 71.52 0.750 7,073 1.000 8,514 0.812 
Case 3 47.64 0.500 7,073 1.000 6,528 0.622 
Case 4 23.82 0.250 7,073 1.000 4,547 0.433 
Case 5 0 0.000 7,073 1.000 2,565 0.245 
 
Table 4.6 Reliability Analysis result for reinforced concrete girder (in case of Live 
Load 2 at x=L/2) 
Case
Case 1 10000 202.0548 20.7238 9.7499 1 0
Case 2 10000 168.8707 23.4059 7.2149 1 0
Case 3 10000 115.3490 27.9272 4.1303 1 0
Case 4 10000 15.8786 37.4613 0.4239 0.6619 0.3381




































































































The reliability analyses for various bridges were carried out by using the Monte Carlo 
Simulation, considering the time-dependent load and strength.  The conclusions are 
summarized as follows. 
1) The safety of the orthotropic steel deck with the span of 10 meters was checked in case 
of a three-quarter sectional loss of the lower flange in the longitudinal girder. 
2) The safety of the simply supported steel girder with the span of 40 meters was checked in 
case of a 20-percent sectional loss of the lower flange in the I-shaped girder. Based on the 
result of long-term prediction, after 40 years old, the reliability index would decrease 
gradually according to the thickness reduction of lower flange if the appropriate 
maintenance is not carried out. 
3) The safety of the continuous steel girder with the total span of 150 meters was checked in 
case of a 30-percent sectional loss of the lower flange in the I-shaped girder. Based on the 
result of long-term prediction, after 40 years old, the reliability index would decrease 
gradually according to the thickness reduction of lower flange if the appropriate 
maintenance is not carried out.   
4) The safety of the continuous steel box girder with the total span of 300 meters was 
checked in case of a 30-percent sectional loss of the lower flange in the box girder. 
5) The safety of the reinforced concrete girder with the span of 20 meters was checked in 







5. Reliability Analysis for Long-span Bridges with Time-dependence 
 
5.1 Introduction 
Japanese four major islands, i.e., Hokkaido, Honshu, Shikoku and Kyoshu, have been 
already linked by highways or railways.  Especially, Honshu and Shikoku are linked by three 
routes of Honshu-Shikoku Bridges (Fig.5.1). The Kojima-Sakaide Route, the central route, 
was completed for highway and railway in 1988, and six long-span bridges are called the 
Seto-Ohashi Bridges.  The Kobe-Naruto Route, the eastern route, was partly opened to traffic 
in 1985, including the Ohnaruto Bridge (Fig.5.2), and was completed for highway in 1998, 
including the Akashi Kaikyo Bridge.  The Onomichi-Imabari Route, the western route, was 
almost completed for highway in 1999.  Totally, there are eighteen long-span bridges on the 
three routes.  
The Ohnaruto Bridge crosses the Naruto Strait, where is very famous for tidal currents and 
large whirlpools, and connects the Awaji Island with the Naruto City in Shikoku.  The 
Ohnaruto Bridge is a suspension bridge with the main span of 876 meters, each side span of 
330 meters and a backstay span of 93 meters.   The total bridge length is 1629 meters.  This 
bridge was constructed by the Honshu-Shikoku Bridge Authority (HSBA) and opened to 
traffic in 1985 after overcoming the severe natural conditions, including fast tidal currents and 
strong winds.  In order to reduce the tidal force and to minimize the effect on the tidal 
currents, multi-column type tower foundations are selected for the main tower foundations and 
the side pier foundation.  The maximum tidal current is approximately 10 knots (18.5 km/hr). 
During substructure construction, special consideration was paid so that no sludgy water 
leaked out into seawater because the surrounding area is designated to the national park.   
The Naruto Strait is also famous for typhoon attacks every year.  The basic wind speed is 
50 meters per second in 10-minute average at 10-meter high from the sea level, and the design 
wind speed for the girder is 73 meters per second, which is the highest standard in the 
Honshu-Shikoku Bridges.  Originally, the Ohnaruto Bridge is designed for 6-lane highways 
and 2-truck railways.  Currently, this bridge is opened to traffic for 4-lane highways on the 

















Fig.5.2: The Ohnaruto Bridge, completed in 1985 















5.2 Reliability Analysis for Main Cable of Suspension Bridge 
5.2.1  Cable Protection System of Suspension Bridge  
The main cable of the Ohnaruto Bridge consists of 19,558 galvanized steel wires with each 
diameter of 5.37 mm.  127 galvanized steel wires were prefabricated for a parallel wire 
strand (PWS) in shop and 154 strands were erected by the prefabricated strand method in site.   
Originally, the protection system for the main cable was composed of galvanized steel wires, 
paste, wire wrapping and coating, as shown in Fig.5.3.  The traditional protection system was 
also applied to main cables of six suspension bridges in the Honshu-Shikoku Bridges, 
including the Seto-Ohashi Bridges in 1988.   
The investigation into the existing suspension bridges, including the Ohnaruto Bridge, 
clarified that corrosion occurred in the main cables due to remaining water during construction 
or operation, as shown in Fig.5.4.  A new protection system was required for main cables.   
In order to improve the cable protection system, an advanced dehumidification system, 
which is called “the dry-air injection system,” was developed for the Akashi Kaikyo Bridge 
during its construction, carrying out various experiments on the galvanized steel wires as well 
as the cable strands.  This system was applied to the existing suspension bridges, including 
the Ohnaruto Bridge.   
As shown in Fig.5.5 and 6.6, the air is dehumidified in the dry-air injection facilities, 
transported via air injection pipes, injected into the air injection cover, passed through the 
voids of the galvanized wires, and exhausted out of the air exhaust cover.  Totally, four 
systems are arranged on the Ohnaruto Bridge.   
Cable airtight work was carried out from 1999 to 2000 in the Ohnaruto Bridge.  In this 
work, main cables are repainted with soft-type paint, which is composed of soft epoxy resin 
and soft fluoropolimer paint.  Airtight work at cable bands was enhanced by caulking rubbers 
and sealing compounds.  After completion of the airtight work, the dry-air injection system, 
i.e., the dry-air injection facilities, air injection pipes, and air injection/exhaust covers were 
installed on the Ohnaruto Bridge.  
The fundamental and practical experiments concluded that corrosion does not occur on the 
galvanized wires in the relative humidity less than 60 percent, if particles are excluded.  The 




















Fig.5.3: Original cable protection system for the Ohnaruto Bridge 


























Fig.5.5: Layout of dry-air injection system for the Ohnaruto Bridge 






Dry-Air Injection  























































































































































H at Exhaust Cover #76 H at Exhaust Cover #92-93 H at Injection Cover #104-105
H at Injection Cover #132-133 Atmospheric Temperature Atmospheric Humidity
entire main cable is kept in a low humidity throughout the year.  The air pressure in the air 
injection cover is 200-500 mmAq, which is equal to 20-50 hPa.  The typical length from the 
air injection cover to the air exhaust cover is 100-160 meters.   
Fig.5.7 shows the relative humidity in the air injection/exhaust cover and the atmospheric 
humidity and temperature in Naruto from January 2002 through December 2002, which is 
nearly equal to one year.  The relative humidity inside the main cable was almost kept under 
the target humidity of 40 percent in three systems except one system.   
Currently, this system for the Ohnaruto Bridge is not necessarily in a preferable condition, 
as compared with new suspension bridges, including the Akashi Kaikyo Bridge.  No 
corrosion on the main cables is monitored through the inspection windows on both the air 
injection covers and the air exhaust covers, while the relative humidity inside the main cable is 
partially over the target humidity of 40 percent in one of four systems.  Investigations are 






















5.2.2  Reliability Analysis for Main Cables  
The main cable consists of approximately twenty thousand galvanized steel wires.  Each 
wire has the 0.7 %-total-elongation yield strength of 1180 MPa (N/mm2) and the tensile 
strength of 1600 MPa (N/mm2).  Frequencies of the yield strength and the tensile strength are 











Fig.5.8: Frequency of galvanized steel wires for main cables (yield 
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Fig.5.9: Primary stress and secondary stress in main cables 





The local bending moment will occur in the main cable due to dead load and the live load, 
although the main cable is a tensile element.  Therefore, the primary stress and the secondary 
stress are calculated for the dead load and the live load, as shown in Fig.5.9.  In the standard 
loading, the stress ratios in the main cable are 0.845 by dead load, 0.142 by live load and 
0.013 by thermal load and others, respectively.   
 Since the dry-air injection system for the Ohnaruto Bridge is not necessarily in a preferable 
condition, the reliability analysis for main cables was carried out by the Monte Carlo 
simulation on the assumption of the cable area reduction.  In this analysis, the primary and 
the secondary stress by the live load only changes in the normal distribution, considering the 
limit-state loading during operation, and the yield strength for the resistance stress also 
changes in the normal distribution.  The result of reliability analysis is shown in Fig.5.10.  
 On the other hand, the reduction ratio of corrosion was estimated to be 0.08% per year 
before introducing of the dry-air injection system.  Currently, the total area reduction ratio is 
less than 1.5% after completion, which means no problem exists in current situation.  The 
system is required to take an early countermeasure.   
 
5.3 Reliability Analysis for Suspender Rope of Suspension Bridge 
5.3.1 Suspender Ropes of Suspension Bridge 
Suspender ropes of the Ohnaruto Bridge are “center-fit rope cores (CFRC)” with the 
diameter of 60 and 70 mm, which are twisted with many galvanized wires, are hung on cable 
bands and are anchored to girders, as shown in Fig.5.11.  Coating was carried out on each 
suspender rope by the dipping method at the site except the anchoring ends in the shop.  
Under the severe natural condition, corrosions were recognized in suspender ropes not only at 
general portion but also at anchoring ends, as shown in Fig.5.12.  The investigation and the 





















Fig.5.11: Suspender ropes of the Ohnaruto Bridge  
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The general portions of suspender ropes were checked by a non-destructive inspection method, 
called “the electromagnetic flux method.”  In this method, the cross section of suspender 
rope is supposed to be proportional to the magnetic flux induced by electromagnets.  The 
inspection results for eight general portions of suspender ropes are shown in Fig.5.13.  The 
maximum loss in cross section is not more than 1 percent in the general portions of suspender 
ropes.   
In addition, corrosions were observed in anchoring ends, and another non-destructive 
inspection method, called “the electromagnetic wave method” was tested, as shown as 
Fig.5.14. In this method, an electromagnetic wave from a transmitter goes down to the 
anchoring end, reflects at the anchoring end, and comes back to a receiver.  If a sectional loss 
occurs in the anchoring end, the reflected electromagnetic waves will be reduced more than 
the distance reduction.  The reduction ratio depends on the frequency of electromagnetic 
wave.  The inspection results for eight anchoring ends of suspender ropes yielded that more 
measured data are required in order to evaluate more precisely the sectional loss at the 
anchoring ends.   
Since corrosions were observed in anchoring ends, two suspender ropes were replaced by 
new suspender ropes.  The removed suspender ropes were inspected by the improved 
electromagnetic method for the anchoring ends.  The electromagnetic method revealed that 
anchoring ends have the maximum loss of 9 percent in cross section.   
The removed suspender ropes were also reassembled in order to check corrosions inside the 
ropes and were tested in order to measure the remaining tensile strength.  The maximum 
reduction ratio of the tensile strength is 22 percent, as shown in Fig.5.15. By interpolating the 
relationship of sectional reduction ratio and the tensile strength reduction ratio, the safety 
factor of the suspender rope is checked, as shown in Fig.5.16. The corrosion in the anchoring 
end is assumed to progress in proportional to the bridge age. In the anchoring end, the safety 
factor will reduce to be less than 3.0 at the bridge age of approximately 40 years old.  
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Fig.5.16: Long-term safety check for suspender ropes  
Fig.5.15: Relation between sectional reduction and tensile strength reduction 
Y=5.9765・X0.6145



























































現在：建設 18 年後 
（Ｈ１５年） 



























5.3.2  Reliability Analysis for Suspender Ropes  
Each suspender rope with the diameter of 60 mm has the design tensile strength of 260 ton.  
The frequency of the tensile strength is shown in Fig.5.17.  And the frequency of the live 
load, which is most influential in suspender ropes, is shown in Fig.5.18.   
After the safety check for the suspender ropes, the reliability analysis was carried out by the 
Monte Carlo simulation, considering the time history due to the corrosion as same as the 
safety check.  In this analysis, the force by the live load, including the impact, only changes 
in the normal distribution, and the tensile strength for the resistance force also changes in the 
normal distribution, as shown in Fig.5.19.  
The reliability analysis result of suspender ropes is shown in Fig.5.20.  The corrosion in 
the anchoring end is assumed to progress in proportional to the bridge age, which is 
underestimated in general.  The relationship between the sectional ratio and the tensile 
strength ratio is assumed to be the same as in Fig.5.16.  The result yields that the reliability 
index is more than 5.0 at the bridge age of 70 years old.  Anti-corrosion measures are 














Fig.5.17: Frequency of suspender ropes 










































































































































Safety Factor Reliability Index Failure Probability  
Fig.5.19: Reliability analysis method for suspender ropes 
















5.4 Reliability Analysis for Entire System of Suspension Bridge  
5.4.1 Structural Modeling of Suspension Bridge 
In order to evaluate the reliability index and the probability of failure in the entire system of 
suspension bridge, a two-dimensional full model was made in the bridge-axis direction as 
shown in Fig. 5.21. The finite element analysis by the linear theory was applied to this 
modeling for a simple calculation.  
The coordinates and restrains of structural model are shown in Table 5.1. And sectional 
performances, dead loads, live loads and wind loads of structural model are shown in Table 
5.2, Table 5.3 and Table 5.4, respectively. These design dimensions were determined in 
consideration of real suspension bridges. 8 to 10 suspender ropes were assumed to be a bar 
model for the simplicity.  
Analytical results due to dead loads in the vertical direction are shown in Fig. 5.22-5.24, 
respectively. Analytical results due to live loads in the vertical direction are shown in Fig. 
5.25-5.27, respectively. In addition, the analytical results due to wind loads in the lateral 













Fig. 5.21 Structural model for a suspension bridge with the main span of 880 m 
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Node # x coordinate y coordinate x restrain y restrain Rotation Location
1 10 50 1 1 0 Bearing 1A
2 88.75 50 0 0 0
3 167.5 50 0 0 0
4 246.25 50 0 0 0
5 325 50 1 1 0 Link 2P
6 335 50 1 1 0 Link 2P
7 443.75 50 0 0 0
8 552.5 50 0 0 0
9 661.25 50 0 0 0
10 770 50 0 0 0 CL of Girder
11 878.75 50 0 0 0
12 987.5 50 0 0 0
13 1096.25 50 0 0 0
14 1205 50 1 1 0 Link 3P
15 1215 50 1 1 0 Link 3P
16 1293.75 50 0 0 0
17 1372.5 50 0 0 0
18 1451.25 50 0 0 0
19 1530 50 1 1 0 Bearing 4A
20 330 0 1 1 0 Foundation 2P
21 330 55 0 1 0
22 330 150 0 1 0 Tower Top 2P
23 1210 0 1 1 0 Foundation 3P
24 1210 55 0 1 0
25 1210 150 0 1 0 Tower Top 3P
26 0 55 1 1 1 Anchorage 1A
27 88.75 61.871 0 0 1
28 167.5 79.475 0 0 1
29 246.25 107.899 0 0 1
30 443.75 107.23 0 0 1
31 552.5 78.213 0 0 1
32 661.25 60.803 0 0 1
33 770 55 0 0 1 CL of Cable
34 878.75 60.803 0 0 1
35 987.5 78.213 0 0 1
36 1096.25 107.23 0 0 1
37 1293.75 107.899 0 0 1
38 1372.5 79.475 0 0 1
39 1451.25 61.871 0 0 1
40 1540 55 1 1 1 Anchorage 4A





Table 5.2 Sectional performances and dead loads of structural model in vertical direction 
 
 
Element # Node i Node j E (kN/m2) A (m2) I (m4) wxi wxj wyi wyj
1 1 2 2.00E+08 2 70 0 0 -300 -300
2 2 3 2.00E+08 2 70 0 0 -300 -300
3 3 4 2.00E+08 2 70 0 0 -300 -300
4 4 5 2.00E+08 2 70 0 0 -300 -300
5 6 7 2.00E+08 2 70 0 0 -300 -300
6 7 8 2.00E+08 2 70 0 0 -300 -300
7 8 9 2.00E+08 2 70 0 0 -300 -300
8 9 10 2.00E+08 2 70 0 0 -300 -300
9 10 11 2.00E+08 2 70 0 0 -300 -300
10 11 12 2.00E+08 2 70 0 0 -300 -300
11 12 13 2.00E+08 2 70 0 0 -300 -300
12 13 14 2.00E+08 2 70 0 0 -300 -300
13 15 16 2.00E+08 2 70 0 0 -300 -300
14 16 17 2.00E+08 2 70 0 0 -300 -300
15 17 18 2.00E+08 2 70 0 0 -300 -300
16 18 19 2.00E+08 2 70 0 0 -300 -300
17 20 21 2.00E+08 4 30 0 0 -600 -600
18 21 22 2.00E+08 4 30 0 0 -600 -600
19 23 24 2.00E+08 4 30 0 0 -600 -600
20 24 25 2.00E+08 4 30 0 0 -600 -600
21 26 27 2.00E+08 1 0 0 0 -80 -80
22 27 28 2.00E+08 1 0 0 0 -80 -80
23 28 29 2.00E+08 1 0 0 0 -80 -80
24 29 22 2.00E+08 1 0 0 0 -80 -80
25 22 30 2.00E+08 1 0 0 0 -80 -80
26 30 31 2.00E+08 1 0 0 0 -80 -80
27 31 32 2.00E+08 1 0 0 0 -80 -80
28 32 33 2.00E+08 1 0 0 0 -80 -80
29 33 34 2.00E+08 1 0 0 0 -80 -80
30 34 35 2.00E+08 1 0 0 0 -80 -80
31 35 36 2.00E+08 1 0 0 0 -80 -80
32 36 25 2.00E+08 1 0 0 0 -80 -80
33 25 37 2.00E+08 1 0 0 0 -80 -80
34 37 38 2.00E+08 1 0 0 0 -80 -80
35 38 39 2.00E+08 1 0 0 0 -80 -80
36 39 40 2.00E+08 1 0 0 0 -80 -80
37 2 27 2.00E+08 0.2 0 0 0 -10 -10
38 3 28 2.00E+08 0.2 0 0 0 -10 -10
39 4 29 2.00E+08 0.2 0 0 0 -10 -10
40 7 30 2.00E+08 0.2 0 0 0 -10 -10
41 8 31 2.00E+08 0.2 0 0 0 -10 -10
42 9 32 2.00E+08 0.2 0 0 0 -10 -10
43 10 33 2.00E+08 0.2 0 0 0 -10 -10
44 11 34 2.00E+08 0.2 0 0 0 -10 -10
45 12 35 2.00E+08 0.2 0 0 0 -10 -10
46 13 36 2.00E+08 0.2 0 0 0 -10 -10
47 16 37 2.00E+08 0.2 0 0 0 -10 -10
48 17 38 2.00E+08 0.2 0 0 0 -10 -10
49 18 39 2.00E+08 0.2 0 0 0 -10 -10
50 5 21 2.00E+08 1 0 0 0 -100 -100
51 6 21 2.00E+08 1 0 0 0 -100 -100
52 14 24 2.00E+08 1 0 0 0 -100 -100


































Note 1) a concentrated live load (-800kN) is applied at the center of main span (node 10). 
Element # Node i Node j E (kN/m2) A (m2) I (m4) wxi wxj wyi wyj
1 1 2 2.00E+08 2 70 0 0 0 0
2 2 3 2.00E+08 2 70 0 0 0 0
3 3 4 2.00E+08 2 70 0 0 0 0
4 4 5 2.00E+08 2 70 0 0 0 0
5 6 7 2.00E+08 2 70 0 0 -50 -50
6 7 8 2.00E+08 2 70 0 0 -50 -50
7 8 9 2.00E+08 2 70 0 0 -50 -50
8 9 10 2.00E+08 2 70 0 0 -50 -50
9 10 11 2.00E+08 2 70 0 0 -50 -50
10 11 12 2.00E+08 2 70 0 0 -50 -50
11 12 13 2.00E+08 2 70 0 0 -50 -50
12 13 14 2.00E+08 2 70 0 0 -50 -50
13 15 16 2.00E+08 2 70 0 0 0 0
14 16 17 2.00E+08 2 70 0 0 0 0
15 17 18 2.00E+08 2 70 0 0 0 0
16 18 19 2.00E+08 2 70 0 0 0 0
17 20 21 2.00E+08 4 30 0 0 0 0
18 21 22 2.00E+08 4 30 0 0 0 0
19 23 24 2.00E+08 4 30 0 0 0 0
20 24 25 2.00E+08 4 30 0 0 0 0
21 26 27 2.00E+08 1 0 0 0 0 0
22 27 28 2.00E+08 1 0 0 0 0 0
23 28 29 2.00E+08 1 0 0 0 0 0
24 29 22 2.00E+08 1 0 0 0 0 0
25 22 30 2.00E+08 1 0 0 0 0 0
26 30 31 2.00E+08 1 0 0 0 0 0
27 31 32 2.00E+08 1 0 0 0 0 0
28 32 33 2.00E+08 1 0 0 0 0 0
29 33 34 2.00E+08 1 0 0 0 0 0
30 34 35 2.00E+08 1 0 0 0 0 0
31 35 36 2.00E+08 1 0 0 0 0 0
32 36 25 2.00E+08 1 0 0 0 0 0
33 25 37 2.00E+08 1 0 0 0 0 0
34 37 38 2.00E+08 1 0 0 0 0 0
35 38 39 2.00E+08 1 0 0 0 0 0
36 39 40 2.00E+08 1 0 0 0 0 0
37 2 27 2.00E+08 0.2 0 0 0 0 0
38 3 28 2.00E+08 0.2 0 0 0 0 0
39 4 29 2.00E+08 0.2 0 0 0 0 0
40 7 30 2.00E+08 0.2 0 0 0 0 0
41 8 31 2.00E+08 0.2 0 0 0 0 0
42 9 32 2.00E+08 0.2 0 0 0 0 0
43 10 33 2.00E+08 0.2 0 0 0 0 0
44 11 34 2.00E+08 0.2 0 0 0 0 0
45 12 35 2.00E+08 0.2 0 0 0 0 0
46 13 36 2.00E+08 0.2 0 0 0 0 0
47 16 37 2.00E+08 0.2 0 0 0 0 0
48 17 38 2.00E+08 0.2 0 0 0 0 0
49 18 39 2.00E+08 0.2 0 0 0 0 0
50 5 21 2.00E+08 1 0 0 0 0 0
51 6 21 2.00E+08 1 0 0 0 0 0
52 14 24 2.00E+08 1 0 0 0 0 0





Table 5.4 Sectional performances and wind loads of structural model in lateral direction 
 Element # Node i Node j E (kN/m2) A (m2) I (m4) wxi wxj wzi wzj
1 1 2 2.00E+08 2 420 0 0 -60 -60
2 2 3 2.00E+08 2 420 0 0 -60 -60
3 3 4 2.00E+08 2 420 0 0 -60 -60
4 4 5 2.00E+08 2 420 0 0 -60 -60
5 6 7 2.00E+08 2 420 0 0 -60 -60
6 7 8 2.00E+08 2 420 0 0 -60 -60
7 8 9 2.00E+08 2 420 0 0 -60 -60
8 9 10 2.00E+08 2 420 0 0 -60 -60
9 10 11 2.00E+08 2 420 0 0 -60 -60
10 11 12 2.00E+08 2 420 0 0 -60 -60
11 12 13 2.00E+08 2 420 0 0 -60 -60
12 13 14 2.00E+08 2 420 0 0 -60 -60
13 15 16 2.00E+08 2 420 0 0 -60 -60
14 16 17 2.00E+08 2 420 0 0 -60 -60
15 17 18 2.00E+08 2 420 0 0 -60 -60
16 18 19 2.00E+08 2 420 0 0 -60 -60
17 20 21 2.00E+08 4 1240 120 120 0 0
18 21 22 2.00E+08 4 1240 120 120 0 0
19 23 24 2.00E+08 4 1240 -120 -120 0 0
20 24 25 2.00E+08 4 1240 -120 -120 0 0
21 26 27 2.00E+08 1 0 0 0 -10 -10
22 27 28 2.00E+08 1 0 0 0 -10 -10
23 28 29 2.00E+08 1 0 0 0 -10 -10
24 29 22 2.00E+08 1 0 0 0 -10 -10
25 22 30 2.00E+08 1 0 0 0 -10 -10
26 30 31 2.00E+08 1 0 0 0 -10 -10
27 31 32 2.00E+08 1 0 0 0 -10 -10
28 32 33 2.00E+08 1 0 0 0 -10 -10
29 33 34 2.00E+08 1 0 0 0 -10 -10
30 34 35 2.00E+08 1 0 0 0 -10 -10
31 35 36 2.00E+08 1 0 0 0 -10 -10
32 36 25 2.00E+08 1 0 0 0 -10 -10
33 25 37 2.00E+08 1 0 0 0 -10 -10
34 37 38 2.00E+08 1 0 0 0 -10 -10
35 38 39 2.00E+08 1 0 0 0 -10 -10
36 39 40 2.00E+08 1 0 0 0 -10 -10
37 2 27 2.00E+08 0.2 0 3 3 0 0
38 3 28 2.00E+08 0.2 0 3 3 0 0
39 4 29 2.00E+08 0.2 0 3 3 0 0
40 7 30 2.00E+08 0.2 0 3 3 0 0
41 8 31 2.00E+08 0.2 0 3 3 0 0
42 9 32 2.00E+08 0.2 0 3 3 0 0
43 10 33 2.00E+08 0.2 0 3 3 0 0
44 11 34 2.00E+08 0.2 0 3 3 0 0
45 12 35 2.00E+08 0.2 0 3 3 0 0
46 13 36 2.00E+08 0.2 0 3 3 0 0
47 16 37 2.00E+08 0.2 0 3 3 0 0
48 17 38 2.00E+08 0.2 0 3 3 0 0
49 18 39 2.00E+08 0.2 0 3 3 0 0
50 5 21 2.00E+08 1 0 0 0 0 0
51 6 21 2.00E+08 1 0 0 0 0 0
52 14 24 2.00E+08 1 0 0 0 0 0









































































































    Fig. 5.30  Bending moments of suspension bridge due to wind load  







5.4.2 Reliability Analysis of Suspension Bridge 
By using the full model of suspension bridge, the reliability analysis carried out by the 
Monte Carlo simulation on the assumption of increasing the live load or the wind load.   
In the first analysis, the stress due to the live load only changes in the normal distribution.  
Considering the long-term change of the live load, the reliability analysis are carried out in the 
following three cases, 1) design live load for the suspension bridge, 2) 10-percent increase of 
design live load, and 3) 20-percent increase of design live load.  Each live load is assumed to 
have the coefficient of variation of 0.05. The yield stress of the cable is 1180 MPa.  The 
buckling stress of girders are 490 MPa for HT780 at the center of main span, and 360 MPa for 
SM570 at the center of side span, respectively. Each yield stress or buckling stress assumed to 
have the coefficient of variation of 0.05. The result of reliability analysis of suspension bridge 
due to dead load and live load is shown in Table 5.5 and Fig.5.31 for representative members. 
Against the design live load, element 3 (center of side span) has the lowest reliability index of 
3.6, element 9 (center of the main span) has a high reliability index of 15.9. Element 29 (cable 
at center) and 25 (cable at tower) have high reliability indices of more than 12.0.   
In the second analysis, the stress due to the wind load only changes in the normal 
distribution. Considering the return period of the wind load, the reliability analysis are carried 
out in the following three cases, 1) design wind load for the suspension bridge, 2) 5-percent 
increase of design wind load, and 3) 10-percent increase of design wind load.  Each wind 
load is assumed to have the coefficient of variation of 0.10. The yield stress of main cable and 
the buckling stress of girder are assumed to be the same as in the above-mentioned cases. The 
result of reliability analysis of suspension bridge due to dead load and wind load is shown in 
Table 5.6 and Fig.5.32 for representative members. Against the design wind load, element 9 
(center of the main span) has the lowest reliability index of 3.9, element 3 (center of side span) 
has the second lowest reliability index of 5.9. Element 29 (cable at center) and element 25 







Table 5.5 Results of reliability analysis of suspension bridge due to dead load and live load 
 Design live load 10% increase 20% increase 
Reliability Index     
 Element 9 (center of main span) 15.855 15.743 15.656 
 Element 3 (center of side span)  3.629 3.218 2.826 
 Element 29 (cable at center) 12.887 12.793 12.624 
 Element 25 (cable at tower) 12.327 12.306 12.055 
Probability of Failure     
 Element 9 (center of main span) 0.0000 0.0000 0.0000 
 Element 3 (center of side span) 0.0002 0.0007 0.0021 
 Element 29 (cable at center) 0.0000 0.0000 0.0000 
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Table 5.6 Results of reliability analysis of suspension bridge due to dead load and wind load 
 Design wind load 5% increase 10% increase 
Reliability Index     
 Element 9 (center of main span) 3.898 3.504 2.995 
 Element 3 (center of side span)  5.874 5.793 5.681 
 Element 29 (cable at center) 8.459 8.060 7.811 
 Element 25 (cable at tower) 12.846 12.601 12.565 
Probability of Failure    
 Element 9 (center of main span) 0.0001 0.0003 0.0015 
 Element 3 (center of side span) 0.0000 0.0000 0.0000 
 Element 29 (cable at center) 0.0000 0.0000 0.0000 
 Element 25 (cable at tower) 0.0000 0.0000 0.0000 
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The conclusions are summarized as follows.   
1) The dry-air injection system was introduced to the Ohnaruto Bridge in order to protect the 
main cable against corrosion, and the four systems are in almost permissible conditions.  
2) The suspender ropes have corrosions especially in the anchoring ends, and the safety factor 
of the suspender rope is verified.  Anti-corrosion measures are required for the anchoring 
ends.  
3) The reliability analysis for the main cable as well as the suspender ropes were carried out, 
and the reliability index and the probability of failure are checked.   
4) The reliability analysis for the entire system of the suspension bridge carried out, and the 






6. Structural Analysis for Long-span Bridges with Time-dependence 
 
6.1 Introduction 
In recent years cable-stayed bridge bridges seem to have been preferably constructed 
throughout the world.  A cable-stayed bridge consists of three major elements: that is, girder, 
towers and cables. It is advantageous because of 1) economical design through the 
pre-tensioning of cables, 2) easier erection using cables and 3) relatively simple and elegant 
alignment.  
 However, the Locked Coil Rope (hereafter referred to as LCR) cables have been reported to 
have undergone significant creep or relaxation. For this reason, DIN 1073 of West Germany 
requires that the creep strain from 0.010% to 0.015% must be taken into account in the design 
unless appropriate creep tests are conducted.  In Onomichi Bridge (hereafter referred to as O 
Bridge) it was reported from a series of field measurement that creep strain of 0.018% has 
occurred. On the other hand, in Kawasaki Bridge (hereafter referred to as K Bridge), the 
maximum relaxation of the cables has been reported to have amounted to 11.8% at 3.5 years 
after construction.  
 According to the study by Nakai et al., the total creep elongation is the sum of the elongation 
of each component wire and the structural elongation caused by the relative movements 
between the interfaces of the wires; furthermore, they demonstrated that the creep elongation 
of the spiral ropes is several times larger than that of the wires themselves.  
 An attempt is made in this study to evaluate the creep and relaxation of cable-stayed bridges 
assuming that the cables follow the linear visco-elastic law based on the field measurements 
on the existing bridges conducted by two different organizations.  
 
6.2 Cable-stayed Bridges in Japan 
6.2.1 Cables of Cable-stayed Bridges 
 The types of cables can be classified into: LCR and Parallel Wire Strand (hereafter referred 
to as PWS). In case of the former in particular, a special attention is called for the creep 
phenomenon. Several characteristics of cables are investigated on 14 typical cable-stayed 








Table 6.1(a) Cable dimensions of cable-stayed bridges in Japan 





extensive study.  Among those 15 bridges, PWS are used in 9 bridges and LCR in other 6 
bridges. In Japan, LCR was used earlier, and then PWS has become more popular. Recently, 
however, LCR tends to be in use again because of easiness to use and of the resistance against 
the corrosion.  The maximum cable force, resulting from the combination of the live loads, 
amounts approximately from 10 % to 40 % of the breaking strength, and the prestress forces 
amounts from 1% to 10%.  
6.2.2 Relative Stiffness Ratio of Cables 
 The design of cable-stayed bridges may be significantly controlled by the stiffness of cable. 
For simple representation of the load distribution to the main girder, tower and cables, the 











γ   ……………………………………………… (6.1) 
where li is length of each cable, Aci is area of each cable, θi is slope of each cable, Ec is 
Young’s modulus of cables, Eg is Young’s modulus of main girder, Ig is moment of inertia of 
main girder, and Lt is total length of bridge.  
 The relationship between the total span length and the relative stiffness ratio with respect to 
the bridges considered in the proposed study in shown in Fig. 6.1 
 
6.3 Field Measurements of Cable-stayed Bridges 
6.3.1 Scope 
 For the present, available filed data are extremely limited on the long-term behavior of the 
cable-stayed bridges. Namely, only two sets of data are available for use. Those are on 1) O 
Bridge and 2) KS Bridge. They consists of the time-dependent changes of the vertical 
deflections of the main girders and the cable tensions 
6.3.2 KS Bridge 
 KS Bridge, shown in Fig. 6.2, is a cable-stayed bridge of multi-cable type, over the Ohkawa 
River in Osaka for pedestrians and bicycles and was completed in 1978. It has two continuous 
spans of 87.5m+40.65m, and has 20 LCR cables, the readers are recommended to see 
reference 3).  


















Fig.6.3  Measured deflection of O Bridge 
  





afterward by the free vibration method using accelerometers and spectrum analyzer by Osaka 
Municipal Office and Kurimoto Steelwork. Some of the authors were fortunate enough to 
participate in the last measurement through the courtesy of Osaka Municipal Office.  
 The camber has been measured three times: on completion, one year and a half afterward, 
and three years and a half afterward, respectively.  
6.3.3 O Bridge 
 O bridge has three continuous spans and the center span is 215 m. The cable alignment is 
radial type and 8 cables are connected at each stream side of the main girder. Each cable 
consists of 4 LCRs. The filed measurements were performed 8 times on the vertical 
deflections of the main girder. They were found to be significantly large even at the first field 
measurement and were finally decided to be re-tightened after 8 years from the completion. 
For detailed descriptions on the fabrication and erection of cables, the readers are 
recommended to see reference 8) and 9).  
 The bridge dimensions and the results at the completion, 4 and 8 years after the completion 
are shown respectively in Fig. 6.3. After 8 years from the completion, the deflection at the 
center span amounted to 158 mm below the original configuration.  
 
6.4 Method of Structural Analysis for Cable-stayed Bridges 
6.4.1 Linear Visco-Elastic Model of Cables 
 The linear visco-elastic model is adopted for convenience to the cables. From the fact that 
the maximum cable stresses do not amount to more than 30% of the breaking stresses of the 
cables, it may be quite reasonable to assume that creep may remain in the stage of the initial 
creep.  
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 Thus, the relationship between the stress and strain, that is, the constitutive equation can be 






this can be shown to take the form of Volterra’s linear integral equations of first kind. 
Furthermore, Volterra’s principle states that any problem of the theory of hereditary 
elasticity can be solved in exactly the same way as the corresponding problem in the normal 
theory of elasticity except that in the final result the elastic constants must be replaced by 
elastic operators.  As a matter of fact, using Laplace transformation, and letting f
_
(s) 
designate the Laplace transformation of function f(t), then it is quite easy to show that 
















(s) is referred to as the relaxation function and the 
Young’s modulus in the Laplace image space s, respectively. 
 The three-element model adopted in this study, slightly different from what is called 
“standard solid model” by Sonoda et al., is shown in Fig. 6.4.  
 It consists of elastic springs E1 and E2, and a dash-pot with the viscosity constant η.  
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where E=E1  
     λ=(E1+E2) /η            ………………………………………………… (6.5) 













and the dot implies the differentiation with respect to the time t, Eq.(6..4) can be 
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In the case of the relaxation problem, that is when e(t)=e(0)=e0(t≧0), e(t)=0(t＜0), it is easy 
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where 
ρ=E2/E1 …………………………………………………………………………  (6.11) 
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In the case of the creep problem, that is when σ(t)= σ(0)= σ0(t≧0), σ(t)=0(t＜σ), it 





te µρρ −−+=  ……………………………………………………  (6.13) 
 In actual cable-stayed bridges, cables are neither in the state of creep in a narrow sense of 
increasing strain on a constant stress, nor in the state of relaxation again in a narrow sense of 
decreasing stress on a constant strain, but it is reasonable to consider that both phenomena 





 The coefficient of the model may be determined from the creep test of ropes themselves. 
However, other factors such as the slips out of sockets or the deformation of bolts, and the 
settlement of the supports may affect the time–dependent behavior of cable-stayed bridges. 
Thus, it is difficult to determine the coefficients of cable model solely from the creep tests of 
the component wires.  
 In the proposed study, thereby, the coefficients will be determined on the basis of the data 
of cable tension measurements through the vibration tests can be considered to be relatively 
reliable. The elongation of cables, nevertheless, can not be calculated correctly merely from 
the camber measurements because towers deform simultaneously. In view of the fact that no 
data is available with respect to the tower, an attempt is made to determine the constants of 
the cable making the best use of the existing data. 
 When the actual phenomenon can be regarded as a relaxation problem, Eq.(6.10) can be 






 ………………………………………………………  (6.14) 
If the stress σ(t1), σ(t2) are given at two different time station t1, t2 and if λ remains 
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Thus, λ can be determined by letting ρ satisfy Eq.(6.15) and upon its substitution to 
Eq.(6.14).  
 On the other hand, when the actual phenomenon can be regarded as a creep problem 
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If the strains of the cable e(t1), e(t2) are given at two different time stations t1, t2 and if μ 
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to Eq.(6..16). Unfortunately, since the sufficient relaxation data are not accumulated in view 
of the fact that the cable tensions have been measured only once after the completion of the 
bridge, the determination of the cable constants merely from the vibration tests will be found 
impossible. Thus, an attempt is made to determine the constants from the camber 
measurements assuming that the problem is the creep problem using only the data of cables 
that did not undergo significant change of the cable force, and the results were compared 
with the results from the tension measurements.  
 
6.5 Formulation of Numerical Calculation for Cable-stayed Bridges 
6.5.1 Scope 
 The long-term behavior of the cable-stayed bridges can be analyzed by finite element 
method. From the Volterra’s principle, the stiffness matrix of linear visco-elastic cables can 
be superimposed to that of the linear elastic girders and towers in the Laplace image space s 
to form the global equilibrium equation of cable-stayed bridge. After solving this equation 
the final solutions will be obtained in the real time domain through the numerical Laplace 
inverse transformation. 
6.5.2 Formulation by Finite Element Method 
 Since the girders and towers are linearly elastic, the stiffness matrix Kij for a beam element 
is expressed as follows:  
 ∫= V njmnmiij dVBEBK   ……………………………………………………………  (6.18) 
where Bmi or Bnj, Emn, and V designate the strain matrix, the elastic modulus matrix, and 
volume of the element, respectively.  
 As cables are assumed to be linearly visco-elastic, the stiffness matrix is given by:  
∫= V njmnmiij dVBsEBsK )()( ………………………………………………………  (6.19) 
where Emn(s) designates the elastic modulus in the Laplace image space and is represented 











 Combining these stiffness matrices in the Laplace image space s, the equilibrium equation 





























……………………………………………   (6.21) 
where Kij, Wi, and Pi refers to the stiffness matrix, the nodal displacement, and the nodal 
forces, respectively. Moreover, subscript, 1 and 2 refers to the main girder and tower, 
respectively. In the proposed study, the forces consist of the dead load and the prestress 
force induced to the cables.  The following equations hold the complete system:  
{ } { })()())(( sPswsK ′=′′  …………………………………………………………  (6.22) 
Similarly, for the system under erection:  
{ } { })()())(( sPswsK ′′=′′′′  …………………………………………………………  (6.23) 
The total displacement and stress can be obtained as the sum of each system by the principle 
of superposition.  Consequently, the displacements of girders and towers are obtained in 
the image space:  
{ } { } { })()()( swswsw ′′+′=   
{ } { })())(()())(( 11 sPsKsPsK ′′′′+′′= −−  ……………………………………  (6.24) 
6.5.3 Numerical Laplace Inverse Transformation 
 The obtained solutions, nevertheless, constitute sets of numerical data in the image space s, 
and not in the real time domain t.  It becomes necessary to apply the Laplace inverse 
transformation to the solutions so that they correspond to the real time t.  
 For successful execution of the numerical Laplace inverse transform, several 
considerations will be necessary.  Regarding the choice of the interval to be subjected to 
the inverse transform, Izumi has proposed the following method: First, examine the 
variation of the Young’s modulus in the image space s, and plot the value of E
＿
(s).  
Secondly, find the interval in which this value changes and use this interval for the inverse 
transformation for f
＿
(s).  Finally, apply appropriate regression formula based on the least 
square procedure in the prescribed interval so that the solution satisfies the limit theorems.  
 At first, the non-dimentionization will be performed on time.  The Laplace transformation 
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The above equation shows that the Laplace transform of w(Tt
_
) on t becomes w
_
(s)/T and that 
the Laplace inverse transformation of w
_
(s)/T on s becomes w(Tt
_
).  The parameter T is 
selected to beη/E, which is usually referred to as the delay time.   
 In the proposed study the solution of creep and relaxation is approximated as the sum of 
exponential functions.  
∑ −= N
i
ii tbatTw )exp()(  …………………………………………………………  (6.28) 
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where k refers to the number of the terminal points in the Laplace space, s.  The values of 
ai and bi must be so determined as to satisfy the limit theorems and minimize function f.  
Now, letting N=2, ai can be determined as:  
∞∞ −== wwawa 021 ,  …………………………………………………………  (6.30) 
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The value of b
_
2 which satisfies the above transcendental equation can be found through the 







6.6 Numerical Illustrations of Cable-stayed Bridges 
6.6.1 KS Bridge 
 The relative stiffness ratio is 0.17×104, which is much less than those for the other 
cable-stayed bridges.   
 Fig. 6.5 shows KS Bridge model and its model dimensions, respectively.  KS Bridge was 
constructed in the following process, and the prestress was introduced by means of the jack-up 
and –down of the main girder.  Thus, the analysis was made in conformity with the actual 
construction process:  
1) Pre-dead Load: A temporary support is set up at point K4, the bridge girder is assumed to 
be three-span continuous.   
2) Jack Up: The girder is jacked up by 700 mm at point A1; by 100 mm at point K4; while 
the tower is set back by 100 mm at its top.  The cables having the prescribed lengths are 
fastened to the main girder without initial stresses.   
3)  Remove Temporary Support: Temporary support at point K4 is removed.   
4) Jack Down: The girder is jacked down by 700 mm at point A1.  Then, prestress forces 
are introduced into cables.   
5) Post-dead Load: The post-dead load is applied to the completed bridge.  
The pre-dead load of steel girders is 1.682 t/m.  The weights of cables vary from 0.344 t to 
1.044 t, and the post-dead load is calculated to be 0.447 t/m.  Furthermore, Young’s modulus 





of girders and towers is E=2.1×106 kg/cm2, and that of cables is Ec=1.6×106 kg/cm2, 
respectively.   
 The coefficients, E1, E2, andη of three-element model for cables are determined based on 
the measured data in the following manner: Firstly, a spring constant E1 is assumed to be the 
Young’s modulus of cables, Ec.  The vertical deflection of main girders was measured at 1.5 
year and 3.5 years after the completion of the bridge.  Then, the elongation and strain 
increments of cables are calculated from the measured data neglecting the set-back of towers.  
Visco-elastic constants are determined by Eq.(6.16) from the measured strains of cables 
obtained at different time stations with an appropriate modification made taking into account 
the settlement of the supports: ρ=5.0, μ=0.39; E2=8.0×106 kg/cm2, andη=20.5×106 year 
kg/cm2.  
 Fig. 6.6 shows the relaxation of Cable 1 and Cable 10; whereas, Fig. 6.7 shows the creep 
deflection of the girder.  Plotted also herein are the measured data.  However, many 
discussions will be necessary with respect to whether the prediction of the future response is 
correct or not and how well it is considered to be fitted with measured data.   
6.6.2 O Bridge 
 The relative stiffness ratio is 16.13×104, which is comparatively larger than the other 
bridges.  The measurement of the deflection had been performed every one or two years after 
completion.   
 Upon substitution of the cable strains at two different time stations of 4 years and 8 years 
after the completion into Eq.(6.17), the coefficients are determined as: ρ=2.0, μ=0.109, 
E1= Ec=1.6×106 kg/cm2, E2=3.2×106 kg/cm2, andη=29.5×106 year kg/cm2.  
 Fig. 6.8 shows the predicted change of the deflection at ⑭ and ⑱ plotted against the 
measured data taking into account only the dead load.  The change of deflection after 4 years 
and 8 years are illustrated in Fig. 6.9, respectively.  Again, discussions may be made whether 
the prediction is good or not.  However, from the available set of data, this may be as much 
as what can be predicted.  Besides, it can be seen that the simple application of the principle 
of least squares without regard to the structural model may result in the better fit to the 










Fig.6.6  Relaxation of cable 1 and 10 in KS Bridge 
  









Fig.6.8  Change of deflection at node 14 and 18 on O Bridge 
  






6.7 Effects of Prestress and Relative Stiffness Ratio in Cable-stayed Bridges 
6.7.1 Effect of Prestress 
 Sometimes the prestress is introduced to cables, either by using shim plates, by jacked-up 
and –down of the main girder or the saddle of cable anchors, although the magnitude of 
prestress itself is not so large as seen from Table 6.1.  This is mainly to improve the 
bending moment distribution of the main girder.  To find the effect of this prestress, a 
comparative analysis was performed on KS Bridge in both cases of with and without the 
prestress.   
 The relaxation of Cable 10 is shown in Fig. 6.10.  The relaxation in case of prestress is 
7.8 % after 10 years, compared with 5.5 % in case of non-prestress.  Shown also in Fig. 
6.11, is the increment of deflection at Point K2.  
6.7.2 Effect of Relative Stiffness Ratio 
 Using the spring constant ratio: σ=E1/E2=2.0 which is found to be fitted for O Bridge, 
effect of the relative stiffness ratio is investigated.  
 Fig. 6.12 shows the relation between the relative stiffness ratio and the ultimate relaxation 
of cables considering only dead load.  It may be obviously seen that the greater the relative 
stiffness ratio is, the less the relaxation of cables.  The broken curve in this figure is a 
hyperbola obtained through the regression formula on the least square scheme.   
 Fig. 6.13 shows the relation of the relative stiffness ratio and the ratio of the ultimate creep 
strain to the initial strain.  It may be observed that the greater the relative stiffness ratio is, 
the greater the ratio of creep strain becomes.  Although Fig. 6.12 and 6.13 are obtained 
from very crude assumption ofρ=2.0, they may be used know approximately how much 








Fig.6.10  Tension change of cable 10 
  
















































 The conclusion obtained from the proposed study can be summarized as follows:  
(1) If changes of cables or cambers are measured at two independent time stations besides on 
the completion, the coefficients of cables model may be reasonably determined within the 
framework of the linear visco-elasticity.   
(2) It is considered that creep and relaxation of cables tend to increase under influence of 
prestress.  Thus, excessive prestress in comparison with other loads may not be 
beneficial.   
(3) The greater the relative stiffness ratio becomes, the more the creep controls; on the 
contrary, however, the smaller the ratio becomes, the more the relaxation controls.   
(4) At present, the available basic data on the time-dependent behavior of cable-stayed 
bridges is extremely limited.  Thus, further accumulation of the basic data is highly 








7. Proposal of Bridge Management System by Reliability Analysis 
 
7.1 Introduction 
 Honshu-Shikoku Bridges are very important infrastructures, which were completed with 
plenty of costs, labors and periods in the twentieth century.  These long-span bridges are 
national properties to be maintained in healthy conditions for a long time (Fig.7.1).  
In the Honshu-Shikoku Bridge Authority, the design and construction of long-span bridges 
are reviewed and enhanced in the daily task.  Currently, “the maintenance of long-span 
bridges” is a major task, which is unprecedented project in Japan.  Especially, the basic 
policy of “the preventive maintenance” is introduced to the long-span bridges, which are 
appropriately inspected and repaired in order to extend their lives to more than 200 years.   
For example, the high-durability coating systems for steel structures and the inspection 
methods for concrete structures are developed on the maintenance technologies, and the health 
evaluation methods for long-span bridges are studied.  
However, “the bridge management system,” which inclusively consists of inspection, health 
evaluation, deterioration prediction and repair/reinforcement, has not constructed yet. In the 
daily maintenance work, the emergency repair is appropriately judged by bridge inspectors 
and evaluators. In this chapter, the current maintenance system is reviewed in order to make a 
future bridge maintenance system, and a new bridge maintenance system, which is based on 
















7.2 Examples of Bridge Management Systems 
7.2.1 Bridge Management System in New York, USA 
(1) Introduction  
Dr. Kaito visited New York, USA as a researcher of the Colombia University from March 
2001 to November 2001. He studied the bridge management system of New York City from 
the Dr. Yanev, who worked in Bridge Department, Transportation Bureau, New York City. 
There are 764 bridges (4,689 spans, 1,430,000 ㎡) in New York, and the average service life is 
75 years. The organized maintenance is very important because of the aging bridges, the heavy 
traffic volumes, and anti-freezing agents in winter.  
(2) Health Evaluation 
Federal Highway Administration (FHWA) usually evaluates the bridge health conditions in 
10 ratings. On the other hands, the New York City evaluates the bridge health conditions in 7 
ratings.  In USA, each bridge should be visually checked every two years. Based on the 
inspection results, the overall deterioration rating for each bridge is calculated, considering the 
weight factor of 1 to 10 for 13 members.  Each bridge has the identification number and filed 
on each database, including the deterioration rating results and repair/reinforcement results. 
New York City introduced a special method called the flag engineering to visual check. In the 
flag engineering, several colors are used for immediate repair after visual check with respect 
to members and damages. The visual check is always carried out by more than two inspectors 
in order to enhance the reliability and objectivity of inspection and to reduce the human errors.  
(3) Bridge Management System based on Health Evaluation 
After appropriate maintenance the average deterioration rating was increased in 1992 to 
2000. However, the larger the bridge is, the lower the average service life is.  The average 
deterioration rating for approximately 700 bridges is calculated in 1994 (Fig.7.2). With 
appropriate maintenance the deterioration rating of 40-year-old bridge decreases to be rating 4 
and constant. Without appropriate maintenance the deterioration rating of 55-year-old bridge 
decreases to be rating 2, which is equivalent to the service limit (Fig.7.3).  
Based on the deterioration rating results, the deterioration rating can be predicted to 















weight average after calculating the deterioration prediction of each member, considering the 
effects of 15 maintenance works (0.0 to 1.0).  
 The life-cycle cost can be calculated for test estimation. In case of service limit, the bridge is 
assumed to repair, reinforce or reconstruct. If all maintenance work is done, the bridge service 
life will extend to be three times.  
(4) Summary 
The following items are very important; 1) standardization of inspection techniques, 2) 
identification of inspection method, 3) quantitative raring of deterioration, 4) electrical 
database, 5) public information, 6) effective use of database, 7) civic cooperation. 
7.2.2 Bridge Management System in Germany 
(1) Introduction 
Prof. Izumo of Kanto Gakuin University explained the bridge management system in 
Germany. In European countries, the bridge management system, which is based on the bridge 
maintenance database, is now in an operational stage after collecting the exiting bridge 
information.  
(2) Necessity of Bridge Management System in Germany 
Federal government of Germany is the owner of federal highways and has the responsibility 
of maintenance and finance. Each local government has the responsibility of inspections and 
repairs of federal highways. The maintenance budget is estimated to increase because traffic 
volumes as well as truck loads are increasing. The bridge management system is developed so 
that the limited budget is required to efficiently enforce. This system provides the overview, 
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long-term aim/strategy for the federal government and the proposal of objective structures for 
the local governments.  
(3) Concept of Bridge Management System 
Practical use of bridge management system is scheduled to start by 2005. The bridge 
management system in Germany consists of the following seven modules; 1) database for 
highway network, 2) current data and evaluation, 3) damage analysis of objective structure, 4) 



















According to the “ASB79” (statement on highway database), all highway data are collected 
and preserved. In addition, “SIB” (structural database), including related information, figures 
and photographs, are proposed and put in practical service. Currently, the federal government 
is developing a new system called the BISStra in order to improve the information processing 
conditions. 
Fig. 7.4 Concept of bridge management system in Germany 
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(5) Inspection and Investigation 
Methods of inspection and investigation are prescribed in the DIN1076.  The visual check 
and the yearly visual check shall be carried out four times per year and once per year, 
respectively. The basic inspection shall be carried out by inspectors by means of visual check 
every three years. Detailed investigation shall be carried out by experts by means of 
non-destructive tests every six years, and special investigation shall be carried out in case that 
a damage occurs, which has a possibility of influence on the structural safety. 
 The federal government made a guideline on inspection result process, which is called 
“RI-EBW-PRUEF” in 1998. In this guideline, the individual evaluation of the damaged 
structures are classified in the following three categories: 1) structural safety, 2) traffic safety, 
3) structural durability, and the total evaluation the damaged structures are automatically 
calculated by means of quantitative manner.  
(6) Construction of Bridge Management System 
In the bridge management system, each local government has the following plan making 
processes: 1) damage, deterioration rating and evaluation, 2) structure overall evaluation, 3) 
decision of repair period, 4) emergence evaluation, 5) repair plan making, 6) repair plan 
evaluation, 7) priority of repair plan, 8) repair execution plan, and 9) budget to need.  
On the other hand, the federal government has the following adjustment processes: 1) 
provision of network data, 2) comparison of target and result, 3) long-term cost estimation, 4) 
long-term deterioration rating, 5) statistical evaluation on special issue, 6) analysis and 
evaluation, and 7) effect of plan.  
In addition, each local governments also has the following executing processes: 1) budget 
and plan making, 2) execution possibility, 3) plan decision, 4) execution, and 5) adjustment.  
(7) Summary 
The federal government and the local governments need to cooperate in all processes of 
plan, adjustment and execution. An objective process for plan decision, an integrated system 
and a maintenance method are needed.  
9.2.3 Study on Bridge Management System in Japan 
(1) Introduction 





for concrete structures by using the Fuzzy theory.  Since the concrete structures are slowly 
deteriorating in Japan, the concrete structures need the appropriate maintenance. In order to 
utilize the limited budget, the bridge management system is required. The bridge management 
system, which consists of visual inspection, deterioration evaluation, deterioration prediction 
and repair plan, is proposed in this study.  
(2) Feature of Bridge Management System 
The bridge management system is developed for existing reinforced concrete bridges.  In 
the visual inspection, cracking, surrounding condition, traffic volume, etc., are considered. In 
the deterioration evaluation, an expert system, based on the Fuzzy theory, is introduced (Fig. 
7.5). In the deterioration prediction, the durability valuation and strength evaluation are 
carried out by assumption of a third-power curve and a forth-power curve, respectively. In 
repair plan, effects of repair or reinforcement are expressed quantitatively.  
(3) Application of Bridge Management System to real bridges 
In order to ensure the precision of the bridge management system, a questionnaire survey to 
professional engineers on seven bridges is carried out. The survey results are summarized as 

























1) The visual inspection results by professional engineers are equivalent to real bridge 
conditions. 
2) The deterioration evaluations results by professional engineers are almost equivalent to 
the deterioration evaluation results by the expert system.  
3) The deterioration prediction results by professional engineers are longer than the 
deterioration prediction results by the expert system. 
4) The repair plan results by professional engineers are almost equivalent to the repair plan 
results by the expert system. 
 (4) Summary 
The bridge management system can be applied to real bridges as compared with the 






7.3 Current Maintenance System for Long-span Bridges 
7.3.1 Inspection Method 
In the inspection for long-span bridges of the Honshu-Shikoku Bridges, the periodical 
inspection is classified as follows. 
1) Daily inspection: Structures are inspected by visual check from maintenance ways on 
long-span bridges every three months.  
2) Basic inspection: Structures are inspected by visual check or finger check from 
maintenance ways or maintenance vehicles on long-span bridges every year or two years.  
3) Detailed inspection: Structures are inspected by means of accurate measurement 
instruments every five years.  
The results of the above-mentioned inspections have been kept on an electric database since 
1998 in order to access the database to all bridge engineers.  
7.3.2 Health Evaluation Method 
Changes and disorders in the above-mentioned inspections are reported and evaluated by 
rating 1 to 5 in each structural member.  
For superstructure, 1) floor system, 2) main girder, 3) main tower, and 4) main cable, are 
evaluated.  For substructure, 5) anchorage, and 6) tower foundation, are evaluated.  For 
others, 7) expansion joints, 8) bearing, 9) accessories, 10) coating system, and 11) pavement, 
are evaluated.   
After the individual evaluation for each structural member, the overall evaluation is 
calculated in rating 1 to 5 by considering the individual weight of 4 to 10.  The individual 
weights are 10 for the member 2) to 6), 8 for the member 1), 6 for the member 8), 5 for the 
member 9), and 4 for 7), 10) and 11), respectively.  
The results of health evaluation for two bridges are shown in Table 7.1 to 7.3.  
 
   Table 7.1 Health evaluation results for two bridges from 1999 to 2003 
Bridges 1999 2000 2001 2002 2003 
AK Bridge 4.7 4.7 4.8 4.7 4.7 































Deck 8 5 40
Girder 10 5 50
Tower 10 5 50
Cable 10 5 50
Anchorage 10 5 50
Tower Foundation 10 5 50
Expansion Joints 4 4 16
Bearings 6 4 24
Accessories 5 3 15
Coating 4 4 16
Pavement 4 5 20
Total 81 381
Rating 4.7








Deck 8 5 40
Girder 10 5 50
Tower 10 5 50
Cable 10 3 30
Anchorage 10 4 40
Tower Foundation 10 3 30
Expansion Joints 4 4 16
Bearings 6 4 24
Accessories 5 3 15
Coating 4 2 8
Pavement 4 4 16
Total 81 319
Rating 3.9






7.3.3 Deterioration Prediction Method 
In the steel structures of long-span bridges, many points for coating investigation are 
designated and the coating condition, including coating thickness, luster, choking, etc., are 
periodically checked. Based on the results of coating investigation, the average reducing speed 
in the coating thickness and the deteriorating curve of the coating thickness are obtained.  
On the other hand, in the concrete structures of long-span bridges, the non-destructive tests 
are introduced, and the durability effects due to salinity or carbonation are checked by 
measuring the salinity density and the carbonated depth.  In addition, the deterioration 
predictions are carried out, based on the results of the non-destructive tests.   
7.3.4 Repair/Reinforcement Plan Method 
Based on the coating deteriorating curves for the steel structures, partial repaint or overall 
recoating are proposed and carried out in the long-term maintenance program.  Based on the 
deterioration predictions for the concrete structures, countermeasures are proposed and carried 
out in the long-term maintenance program.   
7.3.5 Current Bridge Maintenance System 
The above-mentioned processes are carried out in each long-span bridge, considering the 
completed year, the damaged member, the surrounding condition, etc.  The current 
maintenance system for log-span bridges is shown in Fig. 7.6.  An efficient maintenance 
system is required, based on the quantitative and rational judging criteria.   
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7.4 Long-span Bridge Management System by Conventional Method 
7.4.1 Inspection Problem 
Currently, the various inspection results are kept on an electric database of each operation 
office, these results should be kept on a common database in order to be easily accessed by 
each bridge engineer. The repair results are not necessarily kept on database of each operation 
office as well as on a common database. The investigation results, including the designated 
coating investigation for steel structures and the non-destructive tests for concrete structures, 
are required to make an electric common database. 
7.4.2 Health Evaluation Problem 
The objects of health evaluation are described as follows. 
1) Compare the health evaluation results of various bridges in a short term. 
2) Compare the health evaluation results of each bridge in a long term. 
3) Accumulate the health evaluation results.  
4) Make a budget and execute a repair work if an early repair is needed. 
5) Make an appropriate repair plan for each bridge in each year. 
6) Make the bridge management system in the near future.  
The above-mentioned objects 1), 2), 3) and 4) have been almost achieved, and the objects 5) 
and 6) are required to solve immediately.  
The method of health evaluation is revised every year, however the evaluations of changes 
or disorders are not necessarily quantitative and the results of health evaluation are easy to be 
variable. For instance, the weight for each member and the judgement of each condition 
depend on the engineering judgement, which includes the individual variation and lacks the 
objectivity.   
The designated coating investigation for steel structures in every five year and the 
non-destructive tests for concrete structures in every five to ten years are required to consider 
their results in the health evaluation. How to evaluate the effect of repair or reinforcement is a 
future problem. For instance, the overall recoating obtains the rating after finishing the 
several-year recoating work.  





In ordinary inspections, visual checks are major inspection method, and the results cannot 
be considered in deterioration prediction.  The coating deterioration prediction for steel 
structures and the concrete deterioration prediction for concrete structures, have no problem 
because those predictions are qualitative.  
7.4.4 Repair/Reinforcement Plan Problem 
How to reflect the health evaluation results to long-term repair plan is one of the most 
important problems. The results should be a major part of the bridge management system. 
Therefore, the health evaluation should be for the bridge management system. If possible, the 
health evaluation would be carried out for all bridges, including general steel bridges, 
reinforced concrete bridges and prestressted concrete bridges, and the bridge management 
system should be built for all bridges.  
7.4.5 Bridge Maintenance System Problem 
The inspection results and the investigation results could be evaluated as the same time. The 
problems of the health evaluation and the deterioration prediction in current bridge 
maintenance system are summarized as follows. 
1) The weight for each member in the health evaluation method is not necessarily rational. 
2) The structural safety in the health evaluation method is not necessarily clear. 
3) The relation between the health evaluation and the deterioration prediction is unclear.  
4) The process from the health evaluation to the deterioration prediction, the repair plan and 
the repair execution are not necessarily clear.  
Consequently, the bridge management system, which is based on quantitative and rational 
judgement criteria, is required in order to maintain the long-span bridges appropriately in the 
limited budget. A draft for bridge management system of long-span bridges is shown in Fig. 
7.7.  
 



















7.5 Proposal of Long-span Bridge Management System by Reliability Analysis  
7.5.1 Proposal of Inspection  
The inspection results, including the repair results, should be kept on a database of each 
operation office as well as on a common database. The investigation results, including the 
designated coating investigation for steel structures and the non-destructive tests for concrete 
structures, should be made as an electric common database. 
7.5.2 Proposal of Performance Evaluation  
In general, the performances of a structure are classified as the following major 
performances, 1) strength performance, 2) durability performance, 3) functional performance 
and others.  
The reliability analysis can be applied to the strength performance, considering the 
resistances and the loads. The reliability index β and the probability of failure Pf can yield 
to the safety of the structure. In addition, the reliability analysis can be applied to the 
durability performance of steel structures, considering the coating thickness and the corrosion 
limit. The reliability analysis can be also applied to the durability performance of concrete 
structures, considering the salinity density and the corrosion limit. In general, the other 
performances are negligible to the safety of structure.   
Based on the result of the above-mentioned consideration, the health evaluation for steel 
structures and deterioration evaluation can be revised to “the performance evaluation” by 
using the reliability analysis.  
7.5.3 Proposal of Performance Prediction 
The strength performance can be predicted by the reliability analysis, considering the 
time-dependent load and resistance. The durability performance can be predicted by the 
reliability analysis, considering the time-dependent corrosion limit and coating system.  
Based on the result of the above-mentioned consideration, the health prediction for steel 
structures and deterioration prediction can be revised to “the performance prediction” by using 
the reliability analysis.  
7.5.4 Proposal of Repair Plan 
Based on the result of the above-mentioned consideration, the bridge management system 






































7.6 Example of Long-span Bridge Management System by Reliability Analysis 
Firstly, many examples of strength performance have been described in Chapter 4 and 5, 
considering the time-dependent load and strength. Application of reliability analysis is easily 
available to strength performance in the long-term maintenance.  
Secondly, an example of durability performance is introduced in this section, considering 
the time-dependent corrosion and coating for steel structures. The coating investigation of ON 
Bridge in 1991-1998 is shown in Fig.7.9 (a) to (d), respectively. The normal distribution 
approximation is almost equal to the frequency of total coating thickness. And the log-normal 
distribution approximation is quite equal to the frequency of total coating thickness. The total 
coating thickness in designated criteria is 255 μm for polyurethane resin paint, which is 


































































































































































 Changes of the normal distribution approximation and the log-normal distribution 
approximation in the total coating thickness are shown in Fig.7.10 and 7.11, respectively. 
These figures show the reduced average of total coating thickness and the increased variation 
of the total coating thickness according to the investigation year.  
On the other hand, these figures also show the corrosion limits with the average of 135μm 
and standard variation of 30μm, which are dashed curves in Fig.7.10 and 7.11.  The 
corrosion limit for polyurethane resin paint is supposed to occur as following assumption.  
 1) Corrosion occurs in a small area when the averaged total coating thickness is 195μm, 
where the sixth coating (upper paint) and the fifth coating (middle paint) disappear. 
 2) Corrosion occurs in a half area when the averaged total coating thickness is 135μm, 
where the four coating (lower paint) disappears.  
 3) Corrosion occurs in most area when the averaged total coating thickness is 75μm, where  
the third coating (lower paint) disappears.  
The above assumption should be examined by means of accumulated data. However, the 
corrosion can be considered to occur when the total coating thickness becomes to less than the 
corrosion limit due to saline element, water, oxygen, and the other causes. The marginal 
coating thickness, which is the total coating thickness minus the corrosion limit, shall be 
calculated by the Monte Carlo Simulation. Therefore, the reliability analysis can be used for 






















Fig.7.10 Normal distribution of corrosion and variable coating thickness 
Fig.7.11 Log-normal distribution of corrosion and variable coating thickness 
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  The reliability analysis for durability performance is carried out by application of the Monte 
Carlo Simulation to the corrosion limits and the total coating thickness as same as the load and 
resistance for strength performance.  
The reliability index in the normal distribution approximation and the log-normal 
distribution approximation are shown in Fig.7.12. In the normal distribution approximation, 
the reliability index decreases from 3.57 in 1993 to 3.13 in 1998. In the log-normal 
distribution approximation, and the reliability index decreases from 3.67 in 1993 to 3.24 in 
1998.  
In addition, the failure of corrosion in the normal distribution approximation and the 
log-normal distribution approximation are shown in Fig.7.13. In the normal distribution 
approximation, the failure of corrosion increases from 0.0 in 1993 to 0.0008 in 1998. In the 
log-normal distribution approximation and the failure of corrosion increases from 0.0 in 1993 
to 0.0004 in 1998.   
Since the log-normal distribution approximation is equal to the frequency of total coating 
thickness, the analytical result of the log-normal distribution approximation is more precise 
than that of the normal distribution approximation. These results are tabulated in Table 7.4.  
This approach can be available in application not only to the performance evaluation but 
also to the performance prediction. By using the deterioration curves for coating system 
described in the chapter 3, the reliability analysis can be carried out for the performance 
prediction.  
 
Table 7.4 Results of reliability analysis for coating system against corrosion 
 1993 1996 1998 
Reliability Index     
 Normal distribution 3.5708 3.2195 3.1295 
 Log-normal distribution 3.6722 3.4110 3.2411 
Failure of Corrosion    
 Normal distribution 0.0001 0.0004 0.0008 
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Fig.7.12 Reliability analysis of coating system against corrosion 





  Thirdly, the reliability analysis for durability prediction is carried out by application of the 
Monte Carlo Simulation to the corrosion limits and the total coating thickness as same as the 
load and resistance for strength performance.  
The reliability index in the normal distribution approximation and the log-normal 
distribution approximation are shown in Fig.7.14. In the normal distribution approximation, 
the reliability index decreases from 3.04 in 2001 to 2.42 in 2010. In the log-normal 
distribution approximation, and the reliability index decreases from 3.23 in 2001 to 2.88 in 
2010.  
In addition, the failure of corrosion in the normal distribution approximation and the 
log-normal distribution approximation are shown in Fig. 7.15. In the normal distribution 
approximation, the failure of corrosion increases from 0.0013 in 2001 to 0.0083 in 2010. In 
the log-normal distribution approximation and the failure of corrosion increases from 0.0003 
in 2001 to 0.0013 in 2010.   
Since the log-normal distribution approximation is equal to the frequency of total coating 
thickness, the analytical result of the log-normal distribution approximation is more precise 
than that of the normal distribution approximation. These results are tabulated in Table 7.5. 
The normal distribution prediction and the log-normal distribution prediction in the total 
coating thickness from 2001 to 2010 are shown in Fig.7.16 and 7.17, respectively. These 
figures show that the reliability analysis can be available in application to the performance 
evaluation as well as to the performance prediction.  
 
Table 7.5 Results of reliability analysis for coating system against corrosion 
 2001 2004 2007 2010 
Reliability Index      
 Normal distribution 3.0441 2.8653 2.6262 2.4195 
 Log-normal distribution 3.2254 3.0974 3.0070 2.8767 
Failure of Corrosion     
 Normal distribution 0.0013 0.0017 0.0036 0.0083 









































































Normal distribution Log-normal distribution
 
Fig.7.14 Reliability analysis of coating system against corrosion 
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Log-normal 2001 Log-normal 2004 Log-normal 2007
Log-normal 2010 Corrosion Limit
Fig.7.16 Normal distribution prediction of coating system 






Examples of bridge management systems in foreign countries and Japan were reviewed. 
And the current bridge maintenance system for the long-span bridge was also reviewed.  
By introduction of the reliability analysis to the bridge management system, the 
performance evaluation and the performance prediction for structures can be possible in terms 
of the reliability index and the probability of failure.  This method can yields to the 
quantitative and rational repair plan for long-span bridges.   
In future, the bridge management system will be applied to all bridges, including general 
steel bridges, reinforced concrete bridges and prestressted concrete bridges on the 






8. Summary, Conclusions and Recommendations 
 
8.1 Summary 
In the second chapter, the basic theory on the reliability analysis was reviewed. The 
Monte Carlo techniques is very convenient for the reliability analysis even if the function 
has a complicated distribution, since the computer easily generates a lot of random numbers.   
In the third chapter, the live load and the wind load were reviewed as increasing models of 
the time-dependent load. And the steel structures and the concrete structures were reviewed as 
aging models of the time-dependent strength.  
In the forth chapter, the reliability analyses for various types of bridges (girder of steel deck 
plate, simply supported steel girder, three-span continuous steel girder, three-span continuous 
steel box girder, reinforced concrete girder) were carried out, considering the time-dependent 
load and strength.  The results yielded that the safety reduces gradually against the increase 
of live load, but that the safety reduces rapidly against the corrosion of steel members.  
In the fifth chapter, since the corrosions had been observed, the reliability analyses for the 
main cable and the suspender rope of suspension bridges were carried out, considering the 
time-dependent load and strength. The result yielded that the reliability index of the main 
cable is 8.0, which means no problem. And The result yielded that the reliability index of the 
suspender rope is more than 20.0 presently, and approximately 10.0 after 10 years. In addition, 
by using the entire model of suspension bridge, the representative members were checked by 
the reliability analysis against the increase of live load and wind load.  
In the sixth chapter, the structural analysis for the creep and relaxation in cables of the 
cable-stayed bridges were carried out, assuming the visco-elasticity of the cable. The 
analytical results of many cable-stayed bridges yielded that the more the relative stiffness of 
the cable to the girder is, the more the creep occurs in cable, and that the less the relative 
stiffness is, the more the relaxation occurs in cable.  
In the seventh chapter, the bridge management system by means of the reliability analysis 
was examined, which yielded the effectiveness of reliability analysis not only in the strength 
performance but also in the durability performance.  For instance, the reliability analysis was 





Therefore, the bridge management system by means of the reliability analysis can be proposed 
in order to evaluate and predict the safety of bridge performance quantitatively and rationally.  
 
8.2 Conclusions 
  The reliability analyses were carried out for the short-span bridges and the long-span 
bridges, considering the time-dependent load and strength in order to evaluate and predict  
the strength performance of steel structures and concrete structures. In addition, the 
reliability analysis was also applied to the durability performance of steel structures. 
  The conclusions of this thesis are summarized as follows.  
1) In short-span bridges, the results of the reliability analyses considering the time-dependent 
load and strength yielded that the safety reduces gradually against the increase of live load, but 
that the safety reduces rapidly against the corrosion of steel members. The appropriate 
maintenance is need as usual because those bridges have low degree-of freedom.  
2) In long-span bridges, the result of the reliability analyses considering the time-dependent 
load and strength yielded that the reliability index of the main cable is relative high, and that 
the reliability index of the suspender rope is very high at present. The appropriate maintenance 
is required against corrosion even though long-span bridges have high degree-of freedom. 
3) The bridge management system by means of the reliability analysis (hereafter referred to as 
“reliability-based bridge management system”) is effective of the evaluation and prediction 
not only in the strength performance but also in the durability performance.  The 
reliability-based bridge management system is more quantitative and rational than the usual 
bridge management system.  
4) The essential maintenance is major in the current maintenance works, but the preventive 
maintenance can be carried out by using the reliability-based bridge management system. This 
system can be applied to the short-span bridges as well as the long-span bridges.  
 
8.3 Recommendations and Further Research 
  The long-span bridges, including the suspension bridges and cable-stayed bridges, have 
many structural members and detailed structures. The reliability analysis for all members of 





efficiently carried out for structural members to calculate the reliability. In addition, the 
evaluation of the performance increment after repair or reinforcement should be examined.  
  In order to solve these problems, the accumulated data for design, construction and 
maintenance of various bridges are required, and the maintenance method during the bridge 
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Appendix A   
Structural Members of Long-span Bridges 































































































































































































































4 4 5 
134 
 
Superstructure of Cable-stayed Bridge 
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